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Abstract 
 
The behaviour of pile supported bridges in case of liquefaction during the earthquakes is not 
completely understood as can be seen from the failure of bridges during recent major earthquakes. It 
has been a recurring observation in most of the failure of pile supported bridges that the middle spans 
resting on the middle piers collapse, while the abutments and the piers close to them remain stable. 
Therefore, this study was carried out to investigate the mechanisms behind such midspan collapse of 
pile supported bridges in liquefiable soil deposits. Firstly, this thesis reports the simplified analytical 
expression developed to explain the midspan collapse of these bridges. It has been found that for the 
simply supported bridges, where each of the pier acts independently of the other, the natural period 
of the piers elongates in case of liquefaction due to increase in the unsupported length of the pile. 
Due to this process, the central piers of the bridge have higher natural period as compared to the 
adjacent ones, which in turn induces higher lateral displacement demand on the former. This 
phenomenon perpetuates differential lateral displacement for the adjacent piers. Hence, if enough 
seating length is not provided, the span may get unseated. Further, it has also been shown through  
the detailed case studies of collapse of around six bridges in various different earthquakes across the 
globe that this failure due to effects related to elongation of natural period of the piers can also make 
a bridge susceptible to fail in case of liquefaction, along with the other failure mechanisms. Further, it 
has been observed through the shake table tests that the natural frequency of the various pile 
supported piers of the bridge reduces during the course of liquefaction, with the central pier attaining 
the lowest natural frequency among all. Due to the increase in the flexibility of central pile owing to 
liquefaction, the maximum bending moment is observed at a shallower depth of pile, rather than at 
the interface of liquefied-nonliquefied soil. However, for the abutment piles, where the effect of 
lateral spreading is more as compared to any other piers, it has been found that the maximum  
bending moment is located at a section at the interface of liquefied-nonliquefied soil. Therefore, the 
design of piles for various bridge supports should be designed appropriately.  
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Notations 
 
 
The following symbols with Roman alphabets are used in this thesis: 
𝑎𝑠 = Peak ground acceleration; 
amax = Peak horizontal ground acceleration; 
Ag= Gross cross section area of pile; 
Ast= Cross sectional area of the reinforcement steel (main reinforcement) 
Acc (g) = Acceleration in units of ‘g’ 
d' = concrete cover in the pile; 
D= gross diameter of the pile; 
d= effective diameter of the pile; 
C2D =Correction factor for the effects of two-dimensional shaking in the field; 
cu = Undrained shear strength of soil; 
D10 = Effective particle size, i.e. only 10% of the specimen soil particles are finer than that size; 
D30 = 30% of the particles are finer than this size; 
D50 = 50% of the particles are finer than this size 
D60 = 60% of the particles are finer than this size; 
Cu = Coefficient of uniformity; 
Cc= Coefficient of curvature; 
Dc= Diameter of the pile parallel to direction of force 
Dpre= Peak displacement before liquefaction; 
Dpost= Peak displacement after liquefaction; 
emax = Maximum void ratio; 
emin = Minimum void ratio; 
E= Young’s modulus of the pile;  
 vii 
 
EI = Flexural stiffness of the pile; 
Fdeck = Passive force on the soil due to the deck;  
FSL= Factor of safety against liquefaction; 
fck = Characteristic cube compressive strength of concrete; 
fy = characteristic yield strength of steel; 
fn = natural frequency of the pile during a particular block of input motion; 
fni = Initial natural frequency for the pile, natural frequency corresponding to block 1-I;  
g= Acceleration due to gravity; 
Gmax = Maximum value of shear modulus of the soil; 
Gs = Specific gravity of soil; 
h = thickness of the soil layer; 
Hair= Mean height of pile-pier system in air; 
𝐻𝑖 =Inertial load; 
H(f) = Time invariant transfer function; 
Hliq= Mean depth of liquefaction; 
Hwater= Mean height of the pile-pier system in water; 
I = Moment of inertia of the pile; 
kh= Horizontal acceleration; 
ky =Yield coefficient estimated from Newmark’s sliding block analysis;  
𝐾𝛼 = Correction factor for the static shear stress; 
Kp = Passive earth pressure coefficient;  
Ka = Active earth pressure coefficient; 
Ke-pre= Lateral stiffness of the pile before liquefaction; 
Ke-post= Lateral stiffness of the pile after liquefaction; 
L= Projected width of soil mass offering resistance; usually 0.9 times diameter (for stiff pile) 
LDI = Lateral displacement index; 
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Leff = Effective length of the pile depending upon its boundary condition.  
L0-post= Unsupported length of the pile-pier system after liquefaction; 
L0-pre= Unsupported length of the pile-pier system before liquefaction; 
M= Magnitude of earthquake; 
mtrib = Tributary mass of the superstructure; 
Mapplied = bending moment on the pile foundation due to the applied external lateral load about the 
moment of rotation, i. e, located at 0.2 D (D= grip length) above the base.   
MB = Bending moment of the pile in the shake table test; 
Mb =Base resisting moment due to self-load about the base ;  
Mf =Resisting moment due to friction on the front and back side of the stiff pile.  
Mi = Bending moment due inertial load from the superstructure; 
Mk = Bending moment due to kinematic load from the soil; 
Mk-clay = Bending moment due to kinematic load from the clay loam layer; 
Mk-fine sand = Bending moment due to kinematic load from the fine sand layer; 
MR= Total resisting bending moment due to the action of soil and the stiff pile itself. 
Ms =Resisting moment due to passive and active earth pressure;  
Mtotal = Bending moment due to the appropriate combination of inertial and kinematic load; 
Mp = Plastic moment capacity; 
Mu = Ultimate moment carrying capacity; 
N= SPT ‘N’ value 
(N1)60cs = SPT value corrected for ER of 60% and an effective overburden stress of 1 atm. pressure for 
equivalent clean sand; 
Pu = Vertical load acting on the pile 
Pt = Reinforcement percentage for the column/pier; 
Pcr = Euler’s critical load for the pile; 
Pyx (f) = Cross power spectral density of x and y; 
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Pyx (f) = Power spectral density of x; 
Pu = Axial load acting on the pile; 
‘Q’ = multiplying factor for calculating soil resistance for stiff piles, depending upon D/Dc ratio; 
R = Resisting force by the pile foundation at the mid-depth of the liquefiable strata for slope stability 
analysis;  
rd =Depth factor; 
ru = Excess pore water pressure ratio; 
S = Ground slope; 
Sa(T1) =  Spectral accleration for the period of first mode of vibration;  
Hfree = Free face height at the end of embankment/slope;  
Lfree = Distance to the free face;  
Tg= Natural period of the ground; 
Tpost= Natural period of the pile-pier system after liquefaction; 
Tpre= Natural period of the pile-pier system before liquefaction; 
Vs = Shear velocity of soil layer; 
Vi = Shear force acting on the bridge bent;  
W= Total downward load acting at the base of stiff pile; 
z = Depth below the ground surface; 
zmax = Maximum depth of liquefaction;  
 
The following abbreviations are used in this thesis: 
CSR= Cyclic stress ratio; 
CRR= Cyclic resistance ratio; 
DoF = Degree of freedom for the system; 
FFT= Fast Fourier transformation;  
EPWR= Excess pore water pressure ratio; 
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FOS= Factor of safety against liquefaction; 
MSF = Magnitude scaling factor; 
PGA= peak ground acceleration; 
PPT= Pore pressure transducers; 
SDOF= Single degree of freedom system; 
SPT= Standard Penetration Test 
SRSS= Square root of sum of squares; 
STFT =Short Time Fourier Transformation; 
 
The following Greek symbols are used in this thesis: 
𝜏𝑐𝑦𝑐= Cyclic shear stress; 
𝜏𝑒= Average cyclic shear stress; 
𝜏𝑠 = Shear strength of soil; 
𝜎0
′ =Effective vertical stress; 
𝜎0  = Total vertical stress; 
𝜎𝑣 = Total vertical stress at a particular depth; 
𝜎𝑣
′ = Effective vertical stress at a particular depth. 
𝜖𝑙 = Bending strain obtained from left strain gauge; 
𝜖𝑟 = Bending strain obtained from right strain gauge; 
𝛾𝑚𝑎𝑥 = Maximum cyclic shear strain for a particular soil layer;   
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Chapter 1 : Introduction 
 
1.1 Outline of the chapter: 
It has been observed in various earthquakes that the pile supported bridges still continue to fail in case of 
liquefiable soil in the event of an earthquake. It corroborates the fact that the behaviour of piles in such 
condition is not completely understood. The identified failure mechanisms of piles in liquefied soil are: 
bending failure due to the inertial loads of the superstructure and kinematic loads due to the lateral 
spreading of soil; shear failure due to shear loads; buckling instability failure due to vertical loads and 
associated imperfections; settlement failure due to loss of effective stress in the liquefied zone. This 
chapter briefly describes about the failure of various bridges in liquefied soil and the complexity of such 
soil structure interaction problems. It also describes about aim and objective of the present work and the 
organization of the thesis.  
1.2 Background:  
The disaster wrecked due to the earthquakes is no more uncommon to the people as there are at least 
500,000 earthquakes detected every year, 100,000 out of them are felt and 100 of them cause damage 
(USGS). The earthquakes create huge damage to people and property alike during the earthquake. 
Needless to say, the post disaster reconstruction and rehabilitation of property and life also causes a huge 
economic loss to any country. In fact, Japan slid back into recession after the devastation caused by the 
earthquake and tsunami in March 2011. It is important to comprehend that the costs of operation 
disruption of ports or electrical power plants are an order of magnitude greater than the cost of 
reparations (Verdugo and González, 2015). It can be easily inferred from these numbers that earthquakes 
2 
 
are inevitable and can impact our lives significantly, and we need to make our buildings and bridges 
earthquake resilient to minimize the hazard inflicted by it.  
There can be structural failure and ground failure during earthquakes. Liquefaction in soil is one of these 
ground failures, where the soil behaves like a solid suspension and flows during the earthquake. In 
principle, in case of liquefaction, any undrained loading to the saturated soil results in the rise of pore 
water pressure in them and the effective stress in the soil reduces to zero, which forces the soil to have a 
larger strain for even small loading. The liquefaction in soil caught major attention of the engineers 
worldwide after its devastating effects in 1964 Niigata and Alaska earthquakes. As liquefaction only 
occurs in saturated soil deposits, its effects are chiefly observed in the low-lying areas and near river banks 
and levee deposits.  
Bridges on highly liquefaction-susceptible soils such as loose to medium dense sands are often built on 
pile foundations, since it is required to transfer the axial load to the lower strata of higher bearing capacity. 
It has been found over the years that despite extensive research into the efficient design of pile 
foundations of bridges in such liquefiable deposits, the liquefaction continues to be a cause of failure for 
many bridges.  In case of Showa Bridge in Niigata (Japan) earthquake (1964), Panshan Bridge in Haicheng 
(China) Earthquake (1975), Rudramata Bridge in Gujurat (India) earthquake (2001), Miaoziping bridge in 
Wenchuan (China) earthquake (2008), Rokko bridge in Tohoku (Japan)  earthquake(2011) and at many 
other sites the liquefaction in soil seems to have created the problem for the bridge.  The pictures of many 
bridge failures in liquefied soil have been given in Figure 1-1. A list of many such bridge failures due to 
liquefaction has been listed in the Table 1 in Chapter 2. It appears that the phenomenon associated with 
soil structure interaction in such a case seems uncertain and inadequately assessed by various regional 
codes of practice. As a result, pile foundations in liquefiable soils still continue to fail in recent major 
earthquakes and its behaviour in such soil is still an area of active research. 
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There has been a very interesting phenomenon, which has been observed in most of the bridge failures 
in liquefied soil till the date. If the pictures of these bridge failures (see Figure 1-1 in Chapter 1 and Figure 
2-1 in Chapter 2) are looked in detail, it can be observed that one of the recurring observations is the mid 
span collapse of bridges (due to pier failure) with the decks falling into the river while the piers close to 
the abutment and the abutment itself remain stable.  
Predicting the behavior of piles in liquefied soil has been a very complex problem as it involves 
consideration of multitude of factors, e.g. free field response, near field response, characteristics of the 
soil, structural response, load imposed on the structure, dynamic characteristics of both the soil and 
structure etc. Many scaled down model tests are needed for understanding the mechanisms behind the 
soil structure interaction for such cases. The scaled down model tests in centrifuge and 1g shake table 
tests have the obvious advantage of obtained detailed response of structures and soil for planned changes 
in the soil characteristics, structural characteristics etc. The knowledge of case studies along with the 
results from the model tests can prove to an effective tool for understanding and predicting the behavior 
of piles in liquefied soil. Hence, this study proposes a mechanism of the observed midspan collapse of 
bridges and verifies the same with the help of case studies and shake table experiments and lastly draws 
conclusions on the findings of the study.  
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Figure 1-1 Collapse of bridges due to liquefaction: (a) Famous yellow bridge due to 2018 Palu 
earthquake, Indonesia (adapted from The Netralnews.com); (b) Bio Bio bridge due to 2010 Maule 
earthquake (Chile)(adapted from Unjoh et al. (2011)); (c) Nishinomiya ko arch bridge due to 1995 Kobe 
earthquake (adapted from Pitilakis and Argyroudis (2014)); (d) Tubul bridge due to 2010 Maule 
earthquake (Chile) (adapted from http://learningfromearthquakes.org/2010-02-27-
chile/images/2010_02_27_chile/photos/IMG_01821.jpg); (e) Zhuacun bridge during 1976 Tangshan 
earthquake (China) (adapted from  (Huixian et al., 2002)); (f) Showa bridge during 1964 Niigata 
earthquake (Japan) (Source: Bhattacharya and Tokimatsu, (2013)). 
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1.3 Aim and objectives 
As mentioned in the previous section, it has been a recurring observation in pile supported bridge failures 
in liquefied soil that the midspans resting on  the middle piers are failing while the abutments and the 
piers close to them remain stable. This phenomenon of midspan collapse of pile supported bridges in 
liquefiable soil deposit could not be explained by the current understanding of pile failure mechanisms. 
Thus, this research has been carried out to understand the mechanisms behind such midspan collapse of 
pile supported bridges in case of liquefied soil, to avert such failures in the future. Further, the change in 
the design dynamic parameters of the pile due to the process of liquefaction is closely studied.  
It can be achieved by carrying out the following objectives. 
I. Carry out detailed review of the literatures on the behavior of piles in liquefied soil. It also involves 
developing the understanding about behavior of pile supported piers in liquefied soil to check if 
the methodologies present in the literature can be used to explain this midspan collapse of pile 
supported bridges in liquefied soil.   
II. Investigate the failure mechanism behind the midspan collapse of pile supported bridges due to 
the change in the soil stiffness in case of liquefied soil. Formulation of simplified analytical 
expressions to explain the failure inculcating the pile behavior as a beam column element.  
III. Investigate the missing parameters in the design method by carrying out case studies of various 
bridge failures during past earthquakes. 
IV. Improve the understanding of behavior of various pile supported piers of a simply supported 
bridge during the soil liquefaction with the help of experimental investigation. These experiments 
are meant to understand the variation in natural frequency of various piers of the bridge at 
different stages of excess pore water pressure generation, including at full liquefaction condition. 
It also seeks to understand the effect of variation of natural frequency of piers on the ultimate 
limit state design parameters, e.g. displacement and bending moment of the piles. 
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1.4 Organization of the report 
The present thesis is divided into seven chapters. After the introduction of the research subject in this 
chapter, the other chapters are divided as described below: 
Chapter 2 gives a literature review of the work done till the date towards analysis of behaviour of piles in 
liquefied soil. Various failure mechanisms of piles in case of liquefied soil have been delineated. The 
different types of analysis used in practice to calculate the limiting load and displacement acting on piles 
for such cases are also discussed. It also highlights the critical research gaps in the field along with the 
scope of the present work.  
Chapter 3 discusses about the simplified analytical model adopted for calculations of the elongated 
natural period of the collapsed bridges in the past earthquakes. It also describes about how this elongation 
of natural period leads to increase in the displacement demand of the pile. It has been all explained with 
the help of a case study of Showa bridge failure during the 1964 Niigata earthquake (Japan) for the ease 
of understanding of the reader.  
The detailed case studies of the failure of six bridges during various earthquakes across the globe have 
been given in Chapter 4. It includes the collapse of Rio-viscaya Bridge (1991 Telire-Limon earthquake, 
Costa Rica),  Juan Pablo II Bridge (2010 Maule earthquake, Chile), Shengli Bridge (1976 Tangshan 
earthquake, China), Panshan Bridge (1975 Haicheng earthquake, China), Miaoziping bridge (2008 
Wenchuan earthquake, China) and Gaoyuan bridge (2008 Wenchuan earthquake, China) etc. The 
geological settings, details of the earthquake, substructure and superstructure details of the bridge, type 
of soil beneath the substructure and the type of damages are also discussed. Numerical calculations are 
also carried out to ascertain the failure modes for these bridges. 
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Chapter 5 offers discussion on the details of experimental test set up, prepared for carrying out shake 
table studies on the scaled down model simply supported bridges in liquefied soil. Two types of bridges 
were erected for the tests, one with the deck on top of the piled supports and the other without it to 
distinguish between the kinematic load and inertial load during the process of liquefaction. This chapter 
also describes about the sensors used for the tests, methodology of obtaining meaningful data from them 
and the signal processing of the data obtained from those sensors. 
Chapter 6 describes about the experimental results obtained from the shake table studies on the model 
simply supported bridge. These results provide a valued insight into the change in the dynamic 
characteristic of the bridge, in terms of the variation of natural frequency of various piled supported of 
the bridge. It also highlights the effect of variation of natural frequency of the piers on their corresponding 
lateral displacements and bending moments.  
Chapter 7 summarizes the findings obtained from the present study, draws the conclusion on the overall 
findings. It also recommends the area for future research.                                                              
 9 
 
Chapter 2 : Behaviour of pile supported bridges in liquefiable deposits: a state-
of-the-art understanding 
 
 
2.1. Outline of the chapter: 
This chapter presents the state-of-the-art review of mechanism of soil liquefaction, behaviour of piles 
in such soil and the understanding of failure mechanisms of pile supported bridges in seismically 
liquefiable soils. The main failure mechanisms are: (a) bending failure of piles due to lateral loads 
owing to inertia and/or kinematic loads; (b) buckling failure of piles due to large unsupported length 
of the pile; (c) shear failure of the pile due to lateral loads; and (d) excessive settlement due to loss of 
shaft capacity in the liquefiable zone. The guidelines prescribed in different national codes of practice 
with respect to pile design in liquefiable soils are also reviewed. Hence, it is necessary to design the 
pile supported bridges in liquefiable soils taking all the failure mechanisms into consideration.  
 
2.2. Introduction: 
The liquefaction due to an earthquake at a bridge site poses a special threat to its foundation. River 
bridges are especially vulnerable as these are founded on alluvial plains with high groundwater table, 
which makes them quite vulnerable in case of undrained loading due to an earthquake. In addition to 
this, the mudline and the soils of few meters below the river bed usually consists of recent soil deposit, 
which makes them susceptible to liquefaction. The bridges on highly liquefaction-susceptible soils 
such as loose to medium dense sands are often built on pile foundations as the heavy axial load from 
the superstructure is required to be transferred to the deeper bearing strata. The behaviour of the 
piles in liquefied soil has been a very complex problem in geotechnical engineering and it has not been 
fully understood. As a result, failure of pile supported structures are witnessed even in the recent 
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major earthquakes. Many lessons have been learnt from the numerous experimental studies, case 
studies, numerical works carried out in the recent past, but much uncertainty still lies in the basic 
mechanism of soil-pile interaction in liquefied soil. Likewise, the liquefaction continues to be a cause 
of failure for many bridges in recent earthquakes. In the case of Showa Bridge (Niigata earthquake 
(Japan), 1964), Rio-Viscaya and Rio Estrella Bridge (Telire-Limon earthquake (Costa Rica), 1991), 
Rudramata Bridge (Bhuj earthquake (India),  2001), Miaoziping bridge (Wenchuan earthquake (China), 
2008), Juan Pablo II Bridge (Maule earthquake (Chile), 2010) and at many other sites the liquefaction 
of soil seems to have caused the failure.  The figures of some of the bridge failures in the past 
earthquakes due to liquefaction have been illustrated in Figure 2-1 and some more are enlisted in the 
Table 1-1. It can be observed from the examples given in Figure 2-1 that the middle spans had failed 
without causing much damage to the abutments and its adjacent supports. As this kind of midspan 
collapse of pile supported bridges have been occurring over the years in case of liquefied soil, an 
attempt has been made through this study to understand the mechanisms behind such failure through 
the review of literature available till the date. 
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Table 2-1 Abridged List of Bridge failures around the world due to liquefaction 
 
Earthquake Bridge Foundation Remarks   
Palu Earthquake 
(2018) (Indonesia) 
Iconic yellow 
bridge 
--- The bridge got collapsed as a result of lateral spreading of liquefied soil 
during the earthquake (Irfan, 2018) 
Tohoku Earthquake 
(2011) (Japan) 
Rokko Bridge Steel piles. This steel girder bridge which was supported by steel pile-bent 
columns located in Ibaraki prefecture, was collapsed by the effects of 
strong ground motion (Mohanty and Bhattacharya, 2018) (see Figure 
2-1(a)). 
Maule earthquake 
(2010) (Chile) 
Juan Pablo II Bridge 16m long concrete piles of 2.5m 
diameter. 
The bridge suffered from excessive settlement due to the liquefaction 
(Verdugo and González, 2015). 
Maule earthquake 
(2010) (Chile) 
Bio Bio Bridge Wooden piles. 
 
 
 
 
The collapse had occurred due to unseating of the consecutive girders 
(Unjoh, Hoshikuma and Kosa, 2011). 
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Earthquake Bridge Foundation Remarks   
El Mayor-Cucapah 
earthquake (2010) 
(Mexico) 
San Felipito 
Railway Bridge  
1.2 m diameter steel/RCC piles. The railway bridge bents closest to the banks translated towards the 
river due to the lateral spreading. Hence, the unseating of the girder 
happened (Turner, Brandenberg and Stewart, 2016). 
 
 
 
Wenchuan Earthquake 
(2008) (China) 
Miaoziping Bridge Approaching spans had 2x2 
piles of 2.5m diameter RCC pile 
as foundation.  
One of the five approaching spans of Miaoziping Bridge had collapsed 
due to the earthquake (Kawashima et al., 2009)(see Figure 2-1(b)). 
Wenchuan Earthquake 
(2008) (China) 
Gaoyuan Bridge  17m long concrete piles of 1.8m 
diameter. 
One of the middle spans of the bridge got unseated due to the 
earthquake. Liquefaction was observed near the bridge (Kawashima et 
al., 2009). (see Figure 2-1(c)). 
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Earthquake Bridge Foundation Remarks   
Wenchuan Earthquake 
(2008) (China) 
Xiaoyudong Bridge Spread footing below the piers. Several spans of the bridge fell into the river due to liquefaction and 
due to the large longitudinal and transverse displacement of piers 
(Kawashima et al., 2009)(see Figure 2-1(d)). 
Wenchuan Earthquake 
(2008) (China) 
Baihua bridge Pile diameter: 1.4-2.0m (varies 
with the terrain). 
Pile length: 15-33m (the length 
of the pier is about 20-30m, 
longest one is 30.87m). 
Curved/Skewed bridge failed due to the adjacent slope failure during 
earthquake (Kawashima et al., 2009). 
 
Kobe Earthquake  
(1995) (Japan) 
 
Piers at 
Sumiyoshihama-
cho, 
Higashinada-ku 
bridge 
Vertical steel pipe pile of  
0.56-m diameter.  
Battered steel pipe piles, 0.61-
m and 
0.71-m diameter. 
Piles yielded near the sea bottom. Pier collapse was largely due to the 
deformation of the adjacent sea wall (Nishizawa et al., 1998). 
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Earthquake Bridge Foundation Remarks   
Telire-Limon 
Earthquake(1991)  
(Costa Rica) 
Rio Viscaya Bridge 0.45 m square concrete piles. One internal supporting pier was missing and was supposed to settle 
down due to liquefaction (Yasuda et al., 1993) (see Figure 2-1(e)). 
Luzon Earthquake 
(1990) (Philippines) 
Magsaysay Bridge Concrete piles of 10m length. Piers settled and/or tipped over. The ends of two spans that the bridge 
supported dropped, into the water (see Figure 2-1(f)). Lateral 
spreading of around 2m was observed near the west abutment 
(Kojima, Tokimatsu and Abe, 1992). 
Edgecumbe 
Earthquake  
(1987) (New Zealand) 
Landing Road 
bridge, 
New Zealand 
Group of 8 raked piles per 
bridge pier. Reinforced concrete 
piles of 0.4-m square. 
Minor cracking at pile heads at one of the piers (Berrill et al., 1997 ,  
Yasuda and Berrill, 2000). 
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Earthquake Bridge Foundation Remarks   
Tangshan Earthquake 
(1976) (China) 
Shahe Bridge Twin 0.8m diameter concrete 
piles, having a length of 12-16m 
under each of the piers. 
Piers got inclined and among them one crashed down and the girders 
supported by that pier fell down (Huixian et al., 2002).  
Tangshan Earthquake 
(1976) (China) 
Shengli Bridge RCC piles of 0.9m diameter with 
a length of 25m  
Side pier on the west bank was damaged severely. Two spans towards 
the west bank fell down after being dislocated (Huixian et al., 2002). 
Haicheng Earthquake 
(1975) (China) 
Panshan Highway 
bridge 
0.9m diameter RCC piles with a 
length of 30m 
One pier (pier No. 7) sank by almost 15 cms. Other piers inclined and 
cracks were observed in these piers (Shengcong and Tatsuoka, 1984).  
Alaska Earthquake 
(1964) (USA) 
Twenty mile river 
Bridge 
----- This reinforced concrete-deck highway bridge fell into the river during 
the earthquake; the adjacent steel railroad bridge survived with only 
minor damages (McGregor and Abston, 1995) . 
Niigata Earthquake 
(1964) (Japan) 
Showa Bridge Hollow steel piles of 0.609 m 
outer diameter 
The deck near the middle piers and the ones adjacent to it fell down 
into the river (Mohanty, Dutta and Bhattacharya, 2017). 
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Earthquake Bridge Foundation Remarks   
Niigata Earthquake 
(1964) (Japan) 
Yachiyo Bridge  RC piles of 0.3m diameter, 10m 
long 
Abutment and the piers close to the left bank got severely damaged 
due to liquefaction induced lateral spreading (Bhattacharya and 
Tokimatsu, 2013).  
 
Niigata Earthquake 
(1964) (Japan) 
East bridge over 
the Railway 
Concrete piles of 0.3m diameter 
having a length of about 7m 
On one side of the bridge, lateral spreading happened in a direction 
parallel to the bridge, however on the other end lateral spreading 
happened in a direction perpendicular to the bridge (Bhattacharya, 
2003).  
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Figure 2-1 Collpase of various bridges during liquefaction; (a)Collapse of Rokko Bridge during 
Tohoku(Japan) earthquake (2011) (image courtesy of Mark Yashinsky) ; (b) Collapse of Miaoziping 
Bridge during Wenchuan (China)  earthquake (2008) (image courtesy of AndyHe829, 
https://en.wikipedia.org/wiki/2008_Sichuan_earthquake); (c) Collapse of Gaoyuan Bridge during 
Wenchuan (China)  earthquake (2008) (image courtesy of Zhenming Wang); (d) Collapse of 
Xiaoyudong Bridge during Wenchuan (China)  earthquake (2008) (image courtesy of Dr Tao Wang); 
(e) Collapse of Rio-viscaya Bridge during Telire-Limon (Costa Rica) earthquake(1991) (reprinted with 
permission from Ticotimes 2014); (f) Collapse of Magsaysay Bridge during Luzon (Phillipines) 
earthquake (1990) (adapted from Kojima, Tokimatsu and Abe, 1992); (g) Collpase of Showa Bridge 
during Niigata (Japan) earthquake (1964) (adapted from Bhattacharya, 2003) 
                                                                                                             
It is quite clear from the above stated examples that it is imperative to completely understand the 
failure mechanisms of piles in liquefied soil, to be able to comprehend its behaviour in such 
problematic soil. Therefore, this chapter reviews the previous research on liquefaction and the failure 
of pile supported bridges in such soil, with special emphasis on the state-of-the-art knowledge on 
different major modes of failure of flexible pile supported bridges in liquefied soil. 
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2.3. Different modes of failure of pile foundations for bridges in liquefied soil: 
There has been a lot of work investigating the failure mechanisms of piles in liquefied soil. It is quite 
necessary to understand these mechanisms and its underlying theory to evaluate the stability of these 
foundations against any such hazard. Initially, Meyersohn (1994) had proposed three distinctive failure 
modes of piles in liquefied soil; (1) Failure due to development of plastic hinges as a result of the 
deflections in the pile due to lateral spreading of soil (see Figure 2-2 (a); (2) buckling failure due to 
reduced stiffness in the liquefied soil and (see Figure 2-2 (b)); (3) rotation of the rigid pile due to 
insufficient embedment in the soil (see Figure 2-2 (c)). Along with these mentioned failure modes, the 
pile foundations may sometimes suffer from the shear failure and settlement failure. It may happen 
that the inertial load of the superstructure may induce higher shear force in the pile, which may exceed 
its designed shear capacity. In such a case, shear failure happens; see Figure 2-2(d). On the other hand, 
the skin friction and end bearing resistance of the pile diminishes in the event of liquefaction. In such 
a case, the pile settles further to mobilize more skin friction and end bearing resistance, see Figure 2-
2(e). Consequently, uneven settlement of piles may result in differential settlement of the 
superstructure, known as settlement failure of piles. Although this may not be a ultimate limit state, 
this can be a cause of concern with respect to the serviceability limit state. The study by Tokimatsu et 
al. (1996) also found that a pile can fail in various modes in liquefiable deposits. These failure modes 
are: (1) Loss of pile capacity; (2) Failure due to shear; (3) Settlement of adjacent ground; (4) Failure 
due to lateral spreading; (5) Loss due to pile capacity and lateral spreading; (6) Failure due to higher 
overturning moment on the pile; (7) Failure due to transient ground deformation etc. But the study 
did not mention any such methodology to estimate the susceptibility of piles for failure in liquefied 
soil. Recent study carried out by Ashour and Helal (2017) also suggested that a flexible pile can suffer 
from bending failure, buckling failure and excessive settlement failure when acted upon by the axial 
load and lateral load in liquefied soil. Previously, it has been shown through experiments and 
analytically that the natural period of a pile increases as soil liquefies (Lombardi and Bhattacharya, 
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2014). Correspondingly, the displacement demand on the different piers also increases as soil 
progressively liquefies further promoting differential pier-cap displacements (Mohanty et al., 2017). 
Sometimes it may lead to collapse of the spans. Moreover, it has also been observed in some of the 
case histories that the deck pinning and back rotation of the abutment also lead to the collapse of 
spans in the bridges (Cubrinovski et al., 2014). Few of the failure mechanisms of pile in liquefiable 
deposit are schematically shown in Figure 2-2 and then later discussed in detail in the following 
sections. 
 
        
 
               (a)                                       (b)                              (c)                                     (d) 
(e)  
 
Figure 2-2 Pile failure mechanisms (a) Bending failure; (b) Buckling failure; (c) Rotation failure; (d) 
Shear failure; (e) Settlement failure 
 
 22 
 
As pointed out above, some of the major failure mechanisms of flexible piles in liquefied soil, which 
have been investigated till the date, are as follows: (a) Bending failure; (b) Shear failure; (c) Settlement 
failure; (d) Buckling failure. The presented work in this chapter discounts the reason of foundation 
failure due to hydrodynamic reasons like scour, flood, and impact of debris due to tsunamis etc.  
It is a prerequisite that the potential of the existing soil condition for the occurrence of liquefaction 
should be evaluated before any other design of the structure is carried out. Various codes of practice 
and literature suggest many semiempirical, empirical approach to be followed for investigating the 
susceptibility for liquefaction of a site. There are mainly two approaches which are followed for 
estimating liquefaction susceptibility: 
(1) Empirical and semiempirical approach, where the soil strength evaluated semi-empirically is 
compared against the exerted shear stress by the triggering earthquake. It has been delineated in 
the following section. 
(2) Numerical approach, where FEM and other numerical approaches are used for ground response 
analysis with the undrained loading to the soil, considering the time history of the earthquake 
motion. This can be carried out by using FEM software like PLAXIS3D/2D, Opensees, OpenseesPL, 
DIANA, ICFEP etc. The detailed description of this approach is outside the purview of this chapter.  
 
I. Evaluation of liquefaction potential: 
Empirical/semiempirical simplified approach: 
For evaluation of liquefaction susceptibility of soil, initially  Youd and Idriss (2001) summarized various 
methodologies of liquefaction susceptibility prevalent till that date. Since the publication of this 
pioneering paper, various other modifications to the existing approach have been introduced by 
various researchers (Cetin et al., 2018; Idriss and Boulanger, 2008, 2006; Moss et al., 2009). All these 
new modifications to the initial method by Youd and Idriss (2001) account for new additions to the 
database of case histories on liquefaction.  Although the study by Cetin et al. (2018) tries to draw more 
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rationality into this simplified approach by bringing about the standard deviation and mean of all the 
input parameters and giving both probabilistic and deterministic liquefaction triggering procedure. 
Hence, in the dearth of statistical data, the method by Idriss and Boulanger (2006) is usually used for 
liquefaction susceptibility for preliminary analysis.  
 
The susceptibility of the soil strata at any particular site for liquefaction can be evaluated by estimating 
their Cyclic Stress Ratio (CSR) value and corresponding Cyclic Resistance Ratio (CRR) value. The CSR 
can be evaluated by a detailed ground response analysis by using specialised software like SHAKE 
(Schnabel, Lysmer and Seed, 1972), DEEPSOIL (Hashash, 2012). Secondly,  it can also be evaluated by 
a simplified method, suggested by the studies (Idriss and Boulanger, 2006; JRA, 2002; Seed and Idriss, 
1971). It can be carried out by the following equation  
𝑪𝑺𝑹 =
𝝉𝒆
𝝈𝟎′
= 𝟎. 𝟔𝟓 ∗
𝒂𝒎𝒂𝒙
𝒈
∗
𝝈𝟎
𝝈𝟎′
∗ 𝒓𝒅     Equation 2-1 
where ζe is the average cyclic shear stress; 𝜎0
′ is the effective vertical stress; ‘amax ‘ is the peak 
horizontal ground acceleration; ‘g’ is the acceleration due to gravity, 𝜎0  is total vertical stress and 
rd is the stress reduction coefficient. The stress reduction coefficient (rd) can be evaluated by following 
methodologies given in the studies (Cetin et al., 2018; Idriss and Boulanger, 2006; Liao and Whitman, 
1986). This second method of evaluating the CSR is quite popular due to its simplicity in application 
although this method comes with the following assumptions and limitation. 
Assumptions: 
1) The MSF (magnitude scaling factor) can be effectively determined considering only the 
earthquake magnitude.  
2) Liquefaction triggering correlations should only be used with the same liquefaction analysis 
framework (and all its components) that was used to develop the correlation from the case 
history database.  
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Limitations: 
1. The MSF (Magnitude scaling factor) is estimated only based upon the magnitude of the 
earthquake. In such a method, the equivalent number of stress cycle in laboratory tests is 
correlated with the magnitude of the earthquake. But this correlation is established based 
upon limited ground motion data (56 recordings).  
2. The factors of relative density of soil, distance to the fault, directivity, site conditions, and 
depth in a soil profile are not included in the estimation of MSF in this method, whereas the 
research by Liu et al., (2001) suggested that those factors impact the final results. 
3. The stress reduction coefficient (rd) is established based upon the case histories, where 
liquefaction occurred upto a depth of 20m. hence it should be applicable for a depth range 
upto 20m.  
4. The extension of these rd relationships to large magnitude subduction zone events has not 
been extensively studied. 
5. The position of the triggering curve (CRR) is better constrained by the case history data for 'v 
greater than 0.4 atm and thus these data are given more weight in determining the final 
correlation. 
On the other hand, Cyclic Resistance Ratio (CRR) of the particular soil is determined, which is an 
indicator of the amount  of dynamic stress a soil can withstand before liquefying. In other words, CRR 
is the value of cyclic stress ratio (CSR) of soil, when the soil starts to liquefy. Therefore, CRR denotes 
the shear strength capacity of the soil. It has been traditionally determined by two main approaches. 
In the first approach, field data correlating SPT  ‘N’ value (Seed and Idriss, 1971) or CPT qc (Cetin et al., 
2018a) value with CRR at a number of sites, is presented. These may include both the cases of 
occurrence and non-occurrence of liquefaction. Once these values are plotted, a curve can be 
delineated to distinguish the cases of occurrence of liquefaction from those cases of non-occurrence. 
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This curve, which virtually represents the maximum CSR value which the soil can withstand before 
liquefaction, is regarded as CRR curve (see Figure 2-3).  
 
Figure 2-3 Curves correlating CSR with clean sand SPT (N1)60 value for Mw 7.5 earthquakes (Idriss and 
Boulanger, 2008)  
  
Alternatively, CRR can also be evaluated by laboratory element testing. In laboratories, the 
liquefaction resistance of the soil (CRR value) is determined with the help of cyclic shear tests and 
cyclic triaxial tests. In such a methodology, the preparation of sample is of utmost importance. The 
sample should be are prepared undisturbed, usually by freezing the in-situ soil with the help of liquid 
nitrogen to maintain the soil fabric and stress history (Hatanaka, Sugimoto and Yoshio, 1985). The 
other means of extracting undisturbed soil sample are also evolved over the years, e.g. ‘gel-push’ 
method (Mori and Sakai, 2016). Thereafter, the soil sample is tested in the laboratory with the help of 
cyclic shear test for the maximum liquefaction resistance value (CRR), which is specified in terms of 
the magnitude of the cyclic stress ratio required to produce 5% double-amplitude axial strain in 15–
20 cycles of uniform load application. It is of interest to note here that the CRR established through 
the field and case histories studies will significantly overestimate the cyclic resistance for some soils, 
measured through their laboratory tests (Baxter et al., 2008). Once the CRR curve is established, the 
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CSR value of the applied load from the earthquake can be compared with the corresponding CRR value 
to predict whether the soil will liquefy or not. If the soil is found to be liquefying under the applied 
earthquake loading, it is quite important to estimate to what depth the soil will liquefy, popularly 
known as ‘depth of liquefaction’. After the liquefaction potential and depth of liquefaction for a 
particular site is estimated, the rest of the chapter can be used as a guide to understand about various 
modes of pile failure in liquefiable soil deposits.  
 
2.3.1 Bending failure: 
In this kind of failure, the liquefied soil zone loses all its shear strength and starts flowing, sometimes 
with a non-liquefied soil crust on the top of it, known as lateral spreading of the soil, usually towards 
the sloping ground or a free face. The lateral load exerted from the flowing soil sometimes causes the 
pile to exceed its flexural capacity causing the failure (concrete pile getting cracked and the steel pile 
undergoing plastic yielding). It involves three significant design steps: 
(a) Evaluating the triggering of liquefaction 
(b) Analysing piles for inertial loading and kinematic loading individually 
(c) Appropriate combination of inertial and kinematic loading for the design. 
The first design step, which involves evaluating liquefaction susceptibility is already covered in the 
previous sub section 2.3 (I). The piles can be analysed for the kinematic and inertial loading 
subsequently. There are two simplified pseudo-static methods through which the kinematic loading 
on the pile is estimated, see Figure 2-4. These methods are: (1) Limit equilibrium method and (2) 
Beam-on-Nonlinear-Winkler-Foundation (BNWF) approach. Although it is well realised that the 
advanced numerical modelling of the problem can provide more accurate results, many of the times 
the application of such methodology is limited due to unavailability of evaluation and calibration of 
required input parameters, for their useful application. As a result, many of these simplified analyses 
are popularly used in the field. Hence, the simplified approaches are being discussed here. 
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Figure 2-4 Pseudo-static approaches for estimating kinematic load on the pile; (a) Limit equilibrium 
approach; (b) BNWF with limiting pressure model; (c) BNWF model 
 
 
2.3.1.1 Estimation of kinematic loading  
The kinematic load acting on the pile due to the liquefied soil can be evaluated by various pseudo-
static approaches. Two of these pseudo-static approaches are described as follows.  
Limit equilibrium method: 
In case of limit equilibrium method, the lateral pressure is assumed to be exerted by the laterally 
spreading liquefiable deposit and the non-liquefiable crust in the direction of lateral spread. This 
method provides the maximum bending moment, rotation, displacements for the pile. Limit 
equilibrium analyses have been used by Berrill et al. (2001) to explain the good performance of 
Landing Road bridge foundation against the lateral spreading induced by the Edgecumbe earthquake 
in New Zealand in 1987. Further this approach has also been used by studies (JRA, 2002a; Yokoyama, 
Tamura and Matsuo, 1997) for the case studies of bridge failure during 1995 Kobe earthquake. In such 
a methodology, the implicit assumption is that  if the foundation is strong enough relative to the soil 
around it, the soil layers will fail in passive mode before any plastic hinges form in the pile because of 
excessive bending. On the other hand, if a pile with insufficient flexural capacity is founded in relatively 
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strong shallow soil layer, the lateral spreading soil can induce high bending moment to damage the 
piles, forming plastic hinges (see Figure 2-4(a)). 
Japanese Highway Code of practice (JRA, 2002) was the first national code to incorporate the bending 
failure criterion into their design consideration through the JRA 1996 and 2002 edition. The code 
advises practising engineers to design piles against bending failure assuming that the non-liquefied 
crust exerts passive earth pressure on the pile and the liquefied soil exerts lateral stress equal to 30% 
of the total overburden stress, on the basis of back analysis of several case histories of 1995 Kobe 
earthquake. For an Indian scenario, the Indian code of practice  (Indian Road Congress(IRC) 78-2014, 
2014) advises engineers to consider the load coming onto the pile due to the laterally spreading soil 
from the entire layer of liquefiable soil layer, but it does not prescribe any method to estimate this 
load. Further, Dobry and Abdoun (2001) studied the pile behaviour in laterally spreading soil in large 
centrifuge tests for single piles and found that maximum bending moment in the piles could be 
explained through the application of uniform soil pressure in the liquefiable soil strata, in the range of 
9-11 kPa. The limit equilibrium methods are particularly useful to evaluate maximum bending 
moments, maximum rotation of the foundation (Dobry and Abdoun, 2001).  
 
Beam-on-Nonlinear Winkler Foundation method: 
Alternatively, pseudo-static Beam-on-Nonlinear-Winkler-Foundation (BNWF) approach can be used to 
predict whether piles may fail due to liquefaction or not. In such a method, the soil stiffness is 
represented by equivalent soil springs attached to the piles. The stiffness of the spring is characterised 
by the soil strength and stiffness. This can be applied by following a simplified two-step process. In the 
first step, the surrounding soil of the pile is replaced by equidistant soil springs, characterised by the 
stiffness and strength of the corresponding soil. In the second step, the external load is applied. The 
external load can be applied in the form of force or displacement to the free end of the spring (end 
connected to the soil) . In a modification to this current approach, a part of the soil is represented by 
the soil spring, and the remainder part of the soil is represented in terms of limit equilibrium method, 
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i.e. force is directly applied on the pile. Many regional codes of practice ((Eurocode, 2004), (NEHRP, 
2012)) advises practising engineers similar pseudo-static design of pile foundation to avoid bending 
failure in case of liquefaction. The design code (NEHRP, 2012) design document advises firstly to carry 
out the slope stability analysis to determine the yield acceleration and its associated failure surface 
for the particular embankment. The Newmark sliding block analysis is then carried out to estimate the 
displacement of the soil-pile system. Consequently, the load that will be generated due to this laterally 
spreading soil is evaluated, applied to the pile through soil springs and checked whether any plastic 
hinge is getting formed in the pile. There are two distinct design steps involved in this method. 
Step 1: Estimation of spring values: 
The Winkler springs (p-y springs) are applied along the length of the pile to represent the resistance 
from the soil. These p-y curves for different soils can be obtained by following the guidelines described 
in different codes of practice (e.g. API, 2007). The guidelines given by American Petroleum Institute 
(API, 2007) is given in brief in Appendix 2-A. For the soil in the liquefiable zone of the ground, the 
springs are mostly disregarded as the strength of the soil in such a zone drops almost to ‘zero’ value 
at liquefaction, however the p-y springs are still used to represent any underlying non-liquefiable 
competent strata and non-liquefiable crust, if any. In some cases, the limiting pressure from the 
laterally spreading soil (liquefied strata and non-liquefied crust) is further applied on the soil springs 
in the corresponding pile length, as shown in Figure 2-5(c) to check the resilience of pile for the 
resulting bending moment and shear. This methodology is known as the “BNWF with limiting 
pressure”. This method of analysis has been used in the studies by Cubrinovski, Ishihara and Poulos 
(2009); Cubrinovski and Ishihara (2004). In the alternate method, the ground displacement is given as 
an input to the soil spring, which can further be used to estimate the exerted bending moment and 
shear in the pile. This methodology is generally known as simply “BNWF” or “displacement-based 
approach”(see Figure 2-5 (d)). 
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Figure 2-5 BNWF approach (a) field condition; (b) soil-pile model; (c) BNWF with limiting pressure model; (d) 
BNWF model 
 
It can now be comprehended that it is quite imperative to evaluate the Winkler spring parameters 
correctly for soils to estimate the limiting values of the design parameters. The spring parameters for 
the non-liquefied soil can be obtained by following the guidelines given in design codes (e.g. (API, 
2007)). The design of p-y curve following the guidelines of (API, 2007) is given in the Appendix 2-A. 
 
Further, there are four methods for considering the influence of liquefaction on p-y curves of sandy 
soil. In the first case, the lateral resistance of liquefied sand is assumed to be zero, as already stated. 
This method is very conservative and may sometimes lead to large design responses and high 
construction costs. Another approach is to treat liquefied sand as undrained soft clay and use the p-y 
curves of soft clay (Rollins et al., 2005; Varun, 2010). In the third method, p-y curves of liquefied sand 
are generated by multiplying the original p-y curve of the non-liquefied soil by a factor, called p-
multiplier ranging usually between 0.01 and 0.3 to decrease the strength of sand due to liquefaction 
(Brandenberg et al., 2007; Dobry and Abdoun, 2001; Rollins et al., 2005; Varun, 2010)(as shown by the 
factor ‘β’ in the Figure  2-6(a) and (b)). This method has been quite popular in academia and industry 
alike because of the simplified approach, easy computation and requires inputs which are simpler to 
develop. Having said that, adopting a particular p-multiplier value for calculation is quite problematic 
and always involves a range of values (see Figure 2-6(b)), which has to be used through parametric 
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study and with great caution. But the greatest limitation of all these p-y curves of liquefied soil has 
been its incompatibility with the stress-strain curve of liquefied soil. These aforementioned p–y curves 
are basically concave downwards, contrary to the post-liquefaction undrained behaviour of liquefied 
sand, which is concave upwards. As a result, for many case histories of Kobe earthquake of 1995, when 
the aforementioned first three approaches were followed, they could not draw a separating line 
between the cases that occurred from that of the non-occurrence (Berrill et al., 2001). Therefore, 
some researchers (Dash et al., 2017; Dash, 2010)suggested the p-y curve for the liquefied soil by taking 
its post-liquefaction stress-strain behaviour into consideration as exhibited in Figure 2-6(a). 
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Figure 2-6 (a) Generalised shape of p-y curves for nonliquefied and liquefied soils; (b) Relationship 
between the p-multiplier and clean sand equivalent corrected blow count (N1)60cs 
 
Step 2: Application of external load: 
Further, once the soil spring values are correctly established, the limiting pressure from the laterally 
spreading soil or the distribution of ground displacement along the pile are estimated. In case of 
displacement-based approach, the lateral soil flow can be modelled as finite displacements applied at 
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the free ends of the p-y spring as shown in Figure 2-5 (d). This finite displacement can be found out by 
the empirical formulas given by various researchers (Ishihara et al., 1997; Tokimatsu and Asaka, 1998; 
Youd et al., 2002; Zhang et al., 2004).  
In the method given by Zhang, Robertson and Brachman (2004), the lateral displacement can be 
predicted with the help of LDI (Lateral Displacement Index). In such a case, the maximum cyclic shear 
strain for different layers is determined and then integrated over the entire depth to determine lateral 
displacement index (LDI) as shown in equation 2-2. The maximum cyclic strain for the soil at a 
particular depth can be found from their correlations with relative density, as given in the studies 
(Zhang, Robertson and Brachman, 2004; Ishihara and Yoshimine, 1992), as shown in Figure 2-7. In such 
a methodology, the determination of Factor of Safety (FS) is critical. This can be evaluated with the 
help of the guidelines prescribed in various studies e.g. Idriss and Boulanger (2006); Cetin et al. (2018) 
or various regional codes e.g. Eurocode 8 (Part 5) (2004); JRA (2002) etc.  
 
Figure 2-7 Correlation between the Factor of safety against liquefation and maximum cyclic strains 
for a range of relative densities (adapted from (Zhang, Robertson and Brachman, 2004)). 
𝑳𝑫𝑰 = ∫ 𝜸𝒎𝒂𝒙 ∗ 𝒅𝒛
𝒛𝒎𝒂𝒙
𝟎
                    Equation 2-2 
where zmax=maximum depth below all the liquefiable layers with Factor of safety <2.0 
γmax = maximum cyclic shear strain determined from the relationship proposed in (Zhang et al., 2004) 
Once LDI is estimated, it can be used along with the known ground slope (S), free face height at the 
end of embankment/slope (Hfree), and the distance to the free face (Lfree) in an empirical relationship 
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to determine the lateral displacement (LD) of the free field ground as shown in equations 2-3 and 2-
4. 
𝑳𝑫 = (𝑺 + 𝟎. 𝟐) ∗ 𝑳𝑫𝑰 (0.2 %< S < 3.5%)                 Equation 2-3 
𝑳𝑫 = 𝟔 ∗ (
𝑳𝒇𝒓𝒆𝒆
𝑯𝒇𝒓𝒆𝒆
)
−𝟎.𝟖
∗ 𝑳𝑫𝑰 (0.2 %< S < 3.5%)                Equation 2-4 
Once the lateral displacement of the ground surface is known, a distribution of the displacement along 
the depth of pile is assumed (e.g. triangular, cosine) and the same is applied to the free end of the 
springs to determine the limiting bending moments and shear force acting on the pile. Considering 
the uncertainties involved in estimating the accurate lateral displacement, Youd et al. (2002) 
suggested a factor of 2 to be used for predicting displacements. In other words, the value of lateral 
displacement estimated by following the above empirical and semi-empirical formulas at the site can 
vary in the range of 2*LD to 0.5*LD. Hence, while considering the displacement-based approach, a 
wide range of values should be used to find out the upper and lower bound values of the critical design 
parameters and their impact on other design parameters.  
Furthermore, the inertial load has also been observed to contribute to the damage of buildings and 
other structures in case of liquefaction in the field (Yoshida and Hamada, 1990; Tokimatsu, Mizuno 
and Kakurai, 1996; Nishizawa et al., 1998; Fujii et al., 1998) as well as in model tests (Adachi, Miyamoto 
and Koyamada, 1998). Sometimes, it becomes quite difficult to distinguish the effects of inertial and 
kinematic loads separately. In such a case, one of the studies (Fujii et al., 1998) suggested that the pile 
failure near the bottom of liquefied soil layer was due to the kinematic load from the liquefied zone, 
while the failure near the pile head can be attributed to the inertial loads from the superstructure and 
kinematic load from the non-liquefied crust, if any. It must be noted here that larger lateral force is 
usually exerted by the non-liquefied crust, if any, whereas the loads from the liquefied soil are typically 
much lower in magnitude. 
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2.3.1.2 Estimation of Inertial load: 
The superstructure inertial force and bending moment for a bridge column can be estimated by the 
following equations as presented in guidelines of Caltrans (2012). 
𝑽𝒊 = 𝒎𝒕𝒓𝒊𝒃 × 𝑺𝒂(𝑻𝟏)       Equation 2-5 
𝑴𝒊 = 𝑽𝒊𝑯  (assuming free-fixed joint for column)   Equation 2-6 
𝑴𝒊 =
𝑽𝒊𝑯
𝟐
                (assuming fixed-fixed joint for column)     Equation 2-7 
where mtrib is the tributary mass of the superstructure, Sa(T1) refers to the spectral accleration for 
the period of first mode of vibration, Vi  and Mi are the shear force and bending moment acting on the 
pile near the pile cap.  
But it is of importance to note here that the inertial load obtained through this methodology involves 
the spectral acceleration, which is evaluated from specific regional codes. The spectral value of 
acceleration for a specific region is usually evaluated by studying the earthquake history of that 
specific region and carrying out various statistical analysis to find out the mean acceleration. Hence, 
it may not represent the actual maximum acceleration, which might have occured for the specific 
earthquake under study.  
 
2.3.1.3 Appropriate combination of inertial and kinematic loading:  
The Japanese code of practice (JRA, 2002a) advises designers to check the design of pile for bending 
failure due to kinematic and inertia loads separately, i.e., a check against bending failure due to the 
combination of the two loads (Inertial and Kinematic) simultaneously is not encouraged. The basis of 
such clause can be attributed to the “Top down and bottom up” concept of Ishihara et al. (1997). It 
can be attributed to the reason that the two distinct phases of deformation of liquefied soil, i.e. cyclic 
phase and the lateral spreading phase occur at different intervals of time (Cubrinovski et al., 2009; 
Ishihara and Cubrinovski, 2004). The inertial load can be higher in magnitude during the initial cyclic 
phase during the earthquake motion when the soil has adequate shear strength, whereas the 
kinematic load from the laterally spreading soil can be higher in the later phases. The approach by 
 35 
 
Tokimatsu et al. (2005) has been used by a lot of researchers to combine the effects of kinematic and 
inertial loads, which can be stated as follows:  
1. If the natural period of the superstructure is less than that of the ground, the kinematic load 
tends to be in phase with the inertial load. Hence, the maximum moment in such case is the 
sum of the moment values for inertial and kinematic effects.  
2. If the natural period of the superstructure is greater than that of the ground, the kinematic 
load tends to be out of phase with the inertial load. In such case, the maximum moment is the 
square root of the sum of squares (SRSS) of the moments due to each effect. 
Further, California Department of Transportation (Caltrans, 2011) suggests that for a typical bridge 
bent case, the combination of 100% kinematic load+50% inertial load should be done to analyse peak 
demands due to both of these effects. Similarly the design code (AASHTO, 1994) decouples the inertial 
forces from the kinematic loading. However, if the structure is located near to the toe of a slope, 
where strong shaking is expected even after the liquefaction, this code advises to combine the lateral 
spreading forces on the foundation with 25% of the structural inertial forces. Hence, the combination 
of inertial and kinematic loading should be done with a wide range of combinations, while evaluating 
their impact on other design parameters. 
 
Lastly, it may also be pertinent to evaluate the pile pinning effect for determining the restraining effect 
of the pile foundations for reducing the displacement demand near the bridge abutments. The pile 
pinning effect is described as the effect due to which the lateral spreading displacement demand is 
reduced for the bridge, relative to the free field displacement demand, due to the restraining of the 
soil movement by the piles. The study by Ashford et al. (2011) suggests that the pile pinning effect is 
quite critical for the finite width approach embankment for the bridge, and this effect can be neglected 
for the bridge, where width of the laterally spreading zone is essentially infinite with respect to the 
transverse dimension of the bridge.  
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Some of the examples of bridge failures due to lateral spreading of soil were the collapse of Shengli 
Bridge (Tangshan earthquake, 1976, China), Magsaysay Bridge (Luzon earthquake, 1990, Phillipines) 
etc. Bending failure of piles is quite common for the piles placed near to the abutments, as the lateral 
soil pressure due to spreading soil is quite high at this location. This failure mechanism has been 
accepted as the explanation of pile failure in many earthquakes (Ashour and Norris, 2000; Berrill et 
al., 2001; Janalizadeh and Zahmatkesh, 2015; Rollins et al., 2005; Wilson et al., 2000). Many codes of 
practices of various countries have also documented this mode of failure of piles and have laid down 
guidelines based upon it. Some of them are mentioned as below.  
 
2.3.1.4 Guidelines in various codes of practices: 
Japanese code of practice (JRA, 2002) 
 
The code has provided specific guidelines to evaluate the susceptibility of various soil layers to liquefy. 
It advises practising engineers to design piles against bending failure assuming that the non-liquefied 
crust exerts passive earth pressure on the pile and the liquefied soil exerts lateral pressure equal to 
30% of the total overburden pressure. This guideline was put forth after the back calculation of many 
case studies of pile failure in liquefied soil in case of 1995 Kobe earthquake. The detailed guidelines 
are given in Appendix 2-B .  
This code also advises designers to check the design of pile against bending failure due to kinematic 
and inertia loads separately, i.e., a check against bending failure due to the combination of the two 
loads (Inertial and Kinematic) simultaneously is not encouraged. 
 
Indian code of practice 
 
RDSO guidelines (2010)  
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The guidelines provided by the code of practice (RDSO, 2010) uses the methodology given by Youd 
and Idriss (2001) for the estimation of depth of liquefaction at a particular site. Further it endorses the 
provisions given in the code of practice (IS 13920, 2016), which points out the potential plastic hinge 
locations. It states that the potential location of plastic hinge in the pile should be provided with 
adequate longitudinal and shear reinforcement. These locations are: 
(a) at the pile head just below the pile cap,  
(b) at the depth where maximum bending moments develop in the pile; 
(c) at the interfaces of soil layers having remarkably different stiffness  
For the locations noted in (b) and (c), the shear and the longitudinal reinforcement should be provided 
in the same amount as that provided near the pile head.  
Although this code of practice lays down principles to estimate the depth of liquefaction through 
empirical methods, it is ambiguous not being clear about the following: 
1. PGA: peak ground acceleration: it is not clear which acceleration is to be used: DBE or MCE. 
2. Earthquake Magnitude: Moment magnitude of surface wave magnitude  
3. Pile capacity for the liquefaction condition and structural design of piles for such extreme 
conditions. 
Hence, it advises that specialist literature must be followed for designing piles in liquefied soil.  
 
IRC-6 (2014) 
This code of practice (IRC:6, 2017) cautions that loose and poorly graded sand with little to no fines 
are easily liquefiable. Foundation in such soil should be avoided unless any stabilisation method is 
adopted. Alternatively, the foundation should be taken deeper than the liquefiable layer. But it is not 
quite clear about the design of piles or any foundation in such soil, or for passing through these kinds 
of soil. Therefore, it also advises that references should be made to specialist literature for detailed 
analysis of piles in liquefied soil.  
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Code of practice in United states (Caltrans, 2011) 
The code of practice of California state  (Caltrans, 2011) suggest the following 7 steps to estimate the 
load on the abutment and other piled supports due to the lateral spreading of soil.  
 Assess Liquefaction Potential: The liquefaction susceptibility of the soil at the particular site can 
be determined by methods (Idriss and Boulanger, 2006; Youd and Idriss, 2001).  
 Estimate Residual Strength of Liquefied Soils: The soil will have reduced shear strength at full 
liquefaction. This reduced strength can be determined by following the p-multiplier 
methodology (Brandenberg et al., 2007) or from clay type backbone curve (Wang, 2003). 
 Develop Foundation Model with p-y springs: The pile beneath the abutment is represented in 
terms of an equivalent beam, depending upon the pile group configuration. The soil 
surrounding the pile is represented in terms of p-y springs.  Group effect of pile should not be 
considered for liquefied soil strata as group effects do not exist in liquefied soil. Further, a force 
displacement curve describing the interaction of the pile cap with the surrounding soil is defined 
using the maximum passive load of the soil on the foundation and the displacement that is 
required to mobilize this force. The displacement corresponding to the ultimate passive force 
is taken as the sum of 5% of the cap height with an adjustment factor, which is estimated 
depending upon the depth of liquefied material.  
 Displacement Analysis of Foundation Model: Once the foundation model is established with the 
soil condition, a series of pushover analysis is carried out with increasing ground displacement. 
The shear force applied due to the laterally spreading soil is calculated by estimated moving 
average of all the shear forces estimated. The running average shear force for each 
displacement increment is computed as the sum of the current and all previous shear force 
values divided by the number of terms in the sum. This is done to reduce the error which may 
be biased due to using only a fixed value of ground displacement. The curve obtained by this 
has been delineated as (1) in Figure 2-9. If the bridge deck is expected to provide some 
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longitudinal resistance to the soil movement, the passive force (Fdeck) caused due to it can be 
estimated.  
 Slope Stability and Deformation Analysis of Approach Embankment: A pseudo-static slope 
stability analysis of the approach embankment is carried out to estimate the resisting force ‘R’ 
by the foundation at the mid-depth of the liquefiable strata (see Figure 2-8), by applying a 
horizontal inertial force  
𝑭 = 𝒌𝒉𝑾         Equation 2-8 
 where kh= horizontal acceleration; 
 W= weight of the failure mass of the slope; 
Slope stablity analysis using Newmark’s sliding block analysis is further carried out to 
determine the yield coefficient ky, for a range of resisting force ‘R’.  For each value of ky the 
formulation given by Bray and Travasarou (2007) can be used to estimate the corresponding 
displacement. Thus, the estimated displacement vs resisting force ‘R’ can  be plotted as (2) in 
Figure 2-9. 
 Determine Force-Displacement Compatibility: The results of the pushover and slope 
stability/deformation analyses are used to determine a compatible force-displacement state  as 
shown in Figure 2-9 (denoted by compatibility point).  
 Assess Foundation Performance: Once the compatible displacement is estimated 
from the above step, the same is applied as the ground surface displacement for the pile and a 
pushover analysis is carried out combining both the inertial and kinematic loading. The 
complete kinematic load effect (shear force and bending moment) is added algebraically with 
50% inertial load effect for the analysis. The bending moment and shear force exerted due to 
this force are checked against pile capacity.  
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Figure 2-8 Schematic diagram of slope stability analysis for an approach embankment of a bridge in 
the code of practice (Caltrans, 2011). 
 
Figure 2-9 Comaptibility of force and displacement for the abutment pile foundation (Caltrans, 2011) 
Eurocode 5 (2004):  
 
Eurocode (Eurocode 8 (Part 5), 2004) lays down its own methodology to estimate the susceptibility of 
the soil to liquefy during any earthquake. Further, it states that if the site soil is found to be susceptible 
to liquefaction and it is possible that it may affect the load bearing capacity or the stability of the 
foundations, then  remedial measures like ground improvement and piling should be done to ensure 
foundation stability. The skin friction of the liquefiable strata is to be ignored for the pile capacity 
calculation. But there are no other specific provisions laid down to analyse the effect of lateral 
spreading or other destabilising forces on the bridge structures.  
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2.3.2 Shear failure: 
The shear failure of piles occurs due to the inability of the pile to bear excessive shear generated by 
the inertial load of the superstructure in case of an earthquake. In such a case, the pile may fail near 
around the ground surface as this is the region where the transfer of load from the superstructure to 
the ground initiates through the pile. Different hollow circular concrete piles (non-ductile) with low 
shear capacity(reinforcement) are particularly vulnerable in this failure mechanism. It is important to 
mention here that many old bridges which were built before 1980s, did not have adequate shear 
reinforcement provided in the pile length as required in case of liquefied soil, probably due to the lack 
of such knowledge at that point of time. For example, Shengli bridge of China, which collapsed in 1976 
Tangshan earthquake, had its main and shear reinforcement extended only in the top 1.2m below the 
ground surface. This could have been done as there was no anticipation of much higher shear load 
due to an earthquake, during the time of construction. This makes the pile quite vulnerable to fail due 
to excessive bending and shear exerted due to the kinematic and inertial load as a result of 
liquefaction. This pile failure mechanism is schematically shown in Figure 2-2(d).  Further, the 
inadequate shear reinforcement for Tubul bridge in case 2010 Chile earthquake is shown in Figure 2-
10. The shear failure of the abutment in case of Juan Pablo II bridge in case of 2010 Maule (Chile) 
earthquake is also shown in Figure 2-11. Many researchers (Gao et al., 2011; Tang and Ling, 2014) 
carried out shake table tests to find out the displacement and bending moment distribution along the 
pile due to high inertial load exerted on them. They found that due to the shear failure, the plastic 
hinge is formed near the ground surface unlike at the boundary of the non-liquefiable crust and 
liquefiable soil. In case of shear failure, the shear capacity of the individual pile is estimated and 
compared with the shear load exerted on to the pile due to the inertial load. It has been delineated 
through examples of case studies in the next chapter. 
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Figure 2-10 Inadequate shear reinforcement for Tubul Bridge, which failed in case of 2010 Chile 
earthquake (image courtesy of Mark Yashinsky) 
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Figure 2-11 Shear failure in the northern approach to Juan Pablo II Bridge across Bio-Bio River 
(adapted from Verdugo and González (2015)) 
 
2.3.3 Settlement failure: 
When the liquefiable soil zone liquefies due to the ground shaking, a substantial amount of shaft 
friction gets eliminated. Therefore, if the load carrying capacity of the pile, contributed due to the 
shaft friction and the end bearing resistance diminishes to a value lower than the actual vertical 
superstructure load applied, the pile may further settle to mobilise the required skin friction and end 
bearing resistance. This kind of failure is called ‘loss of bearing capacity’ or ‘settlement failure’. In this 
type of failure, the piles may not fail structurally; nonetheless the superstructure may get damaged 
because of the differential settlement of the piles. Sometimes it may also happen that liquefaction-
induced soil settlement near the bridge support may cause a vertical offset. It must be re-graded to 
ensure the service is continued. Hence, a bridge may fail to meet a performance criterion of immediate 
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service despite being structurally undamaged, when liquefiable soil deposits are present. Such cases 
were observed in the 2007 Niigata ChuetsuOki earthquake (Kayen et al., 2007). But the bridge should 
run even after the earthquake for the emergency services to continue. 
Although rare, sometimes it may happen that the whole length of pile may come in the zone of 
liquefiable soil. This results in complete loss of skin friction and end bearing resistance of the piles. It 
can cause excessive settlement, tilting or rotation of the piles.  
The net settlement of pile foundation under the action of axial load can be considered to be an 
algebraic sum of three components: (a) settlement of the soil mass as a whole due to reconsolidation, 
(b) settlement due to the slip between soil and pile interface, i.e., mobilisation of the skin friction and 
end resistance and (c) axial compression of the pile.  
The settlement of the soil due to the reconsolidation after liquefaction can be calculated based on the 
approach suggested by the researcher(Ishihara and Yoshimine, 1992) . This approach provides an 
estimate of post-liquefaction volumetric strain as a function of either the factor of safety against 
liquefaction or the maximum cyclic shear strain and the relative density or SPT resistance. Further, 
these volumetric strains of different layers can be integrated over the entire soil depth to find out the 
total settlement. This approach has been explained in the Appendix 2-C in detail.  
On the other hand, the soil surrounding the pile is represented by t-z soil springs and that beneath the 
pile tip is represented by q-z soil spring to estimate the settlement due to the mobilisation of the skin 
friction and end resistance as shown in Figure 2-12.  The soil stiffness in the liquefied soil zone is 
obtained by multiplying the original force displacement curve (t-z curve and q-z curve shown in Figure 
2-12(b) and(c)) of the non-liquefied soil by a factor called ‘p-multiplier’ (Armstrong et al., 2014). The 
value of p-multiplier can be obtained as a function of (N1)60CS for different soil layers as recommended 
by Brandenberg (2005). The axial compression of the pile can be easily estimated by applying the 
theory of elasticity. However, the axial compression of the pile along with the settlement due to slip 
between the soil and the pile can be easily obtained by modelling the pile-soil spring model in any 
simple FEM software (e.g. SAP2000).  
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Figure 2-12 (a) t-z and q-z springs for a pile; (b) p-multiplier used for t-z spring to account for 
liquefiaction; (c) p-multiplier used to represent the q-z spring in liquefied soil 
 
It is quite pertinent here to mention about the unified analysis method (Fellenius et al., 2008), which 
is used for preliminary analysis of piles in liquefied soil. In this analysis, the neutral plane (NP), which 
is the location along the pile, where the combination of drag load and the superstructure load is in 
equilibrium with the combination of shaft resistance and end bearing resistance, is firstly found out. 
The drag load is usually caused due to the settlement of soil, i.e. which results in negative skin friction 
along the pile. The NP is obtained for both the stages, i.e. for before the liquefaction and after the 
liquefaction stage. If the liquefiable soil layer lies above the static neutral plane, the settlement of the 
pile due to the liquefied soil will be minimal. But for the soils having liquefiable layer below the NP, 
the liquefaction in the soil will lower the NP to the lower boundary of the liquefiable zone, hence it 
may cause excessive settlement.  
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Some of the examples of this type of failure were the collapse of Sakae bridge in 1964 Niigata (Japan) 
earthquake (Figure 2-13), Rio-Viscaya  bridge in 1991 Telire Limon (Costa Rica) earthquake (Figure 2-
14), Juan Pablo II bridge in case of 2010 Chile earthquake (Figure 2-15) etc.  
As often the case with settlement failure, as the ground liquefies, the piles start losing their shaft 
resistance, leading to sinking. As a result, more load is transferred to the adjacent side piers, which 
also get affected by shaft resistance loss, also sink. The sinking of pier continues till hits a harder 
ground (or sinks deeper in non-liquefied soil), which increases the bearing and/or shaft resistance. 
 
 
Figure 2-13 Sakae bridge during 1964 Niigata earthquake (adapted from Bolton, Pamukcu and 
Chaney (1991)) .  
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Figure 2-14 Rio-viscaya bridge during 1991 Costa Rica earthquake (reprinted with permission from 
The Ticotimes (2014)) 
 
Figure 2-15 Juan Pablo II bridge during 2010 Chile earthquake (adapted from Verdugo and González, 
(2015)) 
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2.3.4 Buckling failure:  
Buckling instability is one of the destructive forms of pile failure. This form of failure mechanism 
dominates the design of slender members carrying substantial axial loads. Some researcher (Bond, 
1989) collated embedded lengths and diameters of piles used in practice and found that the length to 
diameter ratio of piles ranges between 25 and 100. Hence, in the absence of lateral soil support, the 
piles behave as slender members carrying substantial amount of the axial load of the superstructure. 
So, if the axial load acting on the top of pile is near to the value of its critical load, determined by its 
geometrical properties, the pile may fail due to global buckling. 
 
The European code of practice (Eurocode 7, 2004) suggests to consider the buckling of piles when 
these are passed through weak soil. Clause 3.3.1.b of design code (API, 2007) recommends the column 
buckling to be considered for piling below the mudlines. It advises the designers to design the pile as 
a beam column on an elastic foundation. The seminal work done by Bhattacharya and Madabhushi 
(2008) explained the effect of lateral load in reducing the elastic critical load of buckling. The stability 
analysis of elastic columns by Timoshenko and Gere (1961) also proved that the lateral deflection of 
pile due to lateral loads gets amplified by the presence of axial load, which is shown in equation 2-9. 
𝛅
𝛅𝟎
=
𝟏
(𝟏−
𝑷
𝑷𝒄𝒓
)
             Equation 2-9
 where   𝛅 represents the lateral deflection of the pile with the axial load; 𝛅𝟎 is the lateral 
deflection of pile without any axial load; P  is the value of axial load acting and Pcr is the critical axial 
load for the pile.               
This ratio (
𝛅
𝛅𝟎
) is often termed as “Buckling amplification factor”. It has been mentioned by 
Bhattacharya and Madabhushi (2008) that if the P/Pcr is more than 0.6, the axial load can significantly 
enhance the lateral deflection of the pile due to the spreading soil. Further, experimental and 
numerical studies carried by Aberle (2000) also reemphasised the fact that for solid “beam-column” 
members with slenderness value above 50, the second order effect (P-∆) may play a significant role 
 49 
 
for the overall performance of the structure and may make it less stable. The following parameters 
are evaluated for the pile foundation to consider its safety against buckling failure.  
1. Effective length of the pile in the liquefiable region, Leff: The definition of effective length for 
various boundary conditions of piles is shown in Figure 2-16.   
2. rmin: radius of gyration of the pile. 
3. Leff/rmin: slenderness ratio of the pile in liquefiable soil layer, 
4. Axial load on the pile, Pu, with no allowance for liquefaction. 
5. Euler’s elastic critical load of the pile depending upon the boundary condition of the pile, Pcr 
 
It can be noted from the case studies depicted in the studies (Bhattacharya, 2003; Bhattacharya and 
Madabhushi, 2008) that the pile foundations having slenderness ratio less than 50 had survived the 
earthquakes even in laterally spreading ground, whereas nearby piled foundations having higher 
slenderness ratios had failed. Further, it has been detected that when the axial load acting on the pile 
reaches 70% of the Euler’s critical load, the deflection increases nonlinearly and ultimately becomes 
infinitely large which is essentially the onset of buckling (Bhattacharya and Madabhushi, 2008). In 
most practical situations, such enhanced deformations also lead to degradation of the elastic stiffness 
of the column, bringing down the critical load further. The amplification of lateral deflection due to 
the lateral loads can be avoided by maintaining the (Pu/Pcr) ratio below 0.35 (Bhattacharya et al., 
2004). This would allow a factor of safety of about 3 against buckling instability. 
 
In addition to the failure mechanisms of pile, a brief description of types of bridges and their important 
structural parts have been introduced in the next section, to make the studies in the next chapters 
easier for the reader.  
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Figure 2-16 Effective length of pile for different soil and fixity conditions 
2.4. Types of bridges: 
Although there are numerous criteria for classifying the bridges, they can be mainly classified 
according to the following characteristics: 
(a) Material of construction  
(b) Span length  
(c) Span types 
(d) Deck location  
(e) Geometric shape 
(f) Structural form 
 
2.4.1 Material of construction:  
Bridges can be distinguished by the materials from which their superstructures are built, namely, steel, 
aluminium, concrete, timber and advanced composite materials. Most of the time, a combination of 
materials is used in bridge building. For example, a bridge may have a reinforced concrete deck, but it 
can have steel girders beneath, which is typically used for highway bridges. 
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2.4.2 Span length:  
The bridges can be classified as culverts, short span bridges, long span bridges according to their length 
of the span. Although there has not been any unified criteria till the date to categorize the bridges 
according to their spans, a criterion proposed by Taly (1997) has been used quite often to classify the 
bridges. This criterion is given in Table 2-2. 
Table 2-2 Criterion used by Taly (1997) for classifying bridges 
Culverts L< 20 ft (L = length of span) 
Short span bridges 20 ft <L <125 ft 
Medium-span bridges 125 ft<L<400 ft 
Long span bridges  L>400 ft 
2.4.3 Span type:  
Depending upon the relationship between the various spans of the bridge, it can  be classified as 
simply supported, continuous or cantilever bridges.  
Simply supported bridge: For this type of bridge, the spans or the decks are simply supported at both 
ends. They are statically determinate structures without any complexity of analysis. One end of each 
of the span is pinned to the pier through  a bearing and the other end is freely supported through the 
bearing on the adjacent pier. These bridges are quite suitable for construction where uneven 
settlements are likely to happen. In general, the bridge is divided into several individual spans with 
relatively short-span length. This is schematically shown in Figure 2-17 (a).  
 (a)
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(b) 
 
(c) 
 
Figure 2-17 Types of bridges; (a) Simply supported bridge; (b) Continuous bridge; (c) Cantilever  
bridges 
Continuous bridge: The continuous bridges are statically indeterminate structures; whose spans are 
continuous over three or more supports. It has been schematically shown in Figure 2-17 (b). The 
continuous bridges have been used extensively in bridge structures due to the benefits of higher span-
to-depth ratio, less expansion joints, and less vibration.  
Cantilever bridge: The cantilevers are  the main load carrying structures for a cantilever bridge. In 
other words, the cantilevers are used to build girders and trusses for this category of bridges. It has 
been schematically shown in Figure 2-17 (c). A cantilever bridge has certain advantages, e.g.  they are 
suitable for foundation with uneven settlement; they can be built without any false-works as  they can 
be incrementally lunched. 
 
2.4.4 Deck location 
According to the relative location of the bridge deck and the main load carrying structure of the bridge, 
the bridge can be classified as deck bridge, through bridge or half-through bridge. If the deck of the 
bridge is placed on the top of the main load carrying structure, it is known as deck bridge. A through 
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bridge is designed so that the road bed is suspended below the main load carrying structure (trusses 
or arches). The roadway then passes through the trusses or arches, instead of over them. Many truss 
and arch bridges are considered as thorough bridge.  Similarly, if the deck is placed in the middle of 
the main structure of the bridge, it is known as half-through bridge. The pictures of these bridges are 
given in Figure 2-18. Sometimes, depending upon the traffic requirements, double deck bridges are 
constructed, where one deck can be placed over the other one with due clearance for traffic to be run 
on both decks.  
2.4.5 Geometric shape 
Depending upon the alignment of the bridge axis, the bridge is categorised as  straight, skewed or 
curved bridge. If the bridge axis follows a straight line, the bridge is categorised as straight bridge (see 
Figure 2-19 (a)). If the space constraint does not allow for the construction of the straight alignment 
of the bridge, the bridge axis has to be skewed as shown in Figure 2-19 (b). But the obvious 
disadvantage with the skewed bridges is that these bridges tend to rotate under seismic loading. 
Hence, it has to be designed accordingly at the bearings for the appropriate level of external force. 
For the curved bridges, the bridge axis is curved as shown in Figure 2-19 (c). The curved portion of the 
superstructure is constructed in parts before being assembled at the site.  
 
   
Figure 2-18 Bridge types: (a) Through bridge (Chaotianmen bridge,China) (image courtesy of 
FlickreviewR 2, https://commons.wikimedia.org/wiki/File:Chaotianmen_Bridge.jpg); (b) Half-
(b) 
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through bridge (Bayonne bridge, New York, USA) ( image courtesy of Jim.henderson - Own work, CC 
BY-SA 4.0, https://commons.wikimedia.org/w/index.php?curid=80243865) 
 
 
Figure 2-19 Plan view of various bridge types: (a) Straight bridge; (b) Skew bridge; (c) Curved bridge 
2.4.6 Structural form 
The classification of bridges according to their structural form is still the common way of categorizing 
them as the structural form is the most important design factor of a bridge which affects its whole 
service life. In this category the bridges are classified depending upon their load carrying mechanism. 
In general, the bridges are categorised as beam(girder) bridge, truss bridge, arch bridge, cable stayed 
bridge and suspension bridge according to their structural forms.  
2.5. Major components of a bridge (in brief) : 
(a) Superstructure: 
In general, the superstructure represents the portion of the bridge, which is above the 
bearings. The superstructure component usually includes the deck, girder, truss etc. The deck 
carries the load of the traffic and in turn transfers it to the other component of the 
superstructure underneath. Eventually, this load is transferred to the substructure with the 
aid of bearings. The superstructure may include only a RCC slab in case of a small span slab 
bridge, whereas for some other bridges, it may include many components like floor beams, 
stringers, bracings etc.    
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(b) Bearings: 
A bridge bearing is one of the critical components of a bridge, transmitting the loads from the 
deck on to the substructure . One of the major functions of the bearing is to allow controlled 
movement of the bridge deck due to temperature variation, earthquakes and thus it reduces 
the stresses acting on the substructure. A bearing is usually the boundary between the 
superstructure and the substructure. 
(c) Substructure:  
The substructure component of a bridge consists of piers, abutments and its wingwalls, 
foundation structures like piles, spread footing etc. The major function of the substructure 
component of a bridge is to support the superstructure and to allow the transfer of the load 
coming from it to be transferred onto the ground.  The piers and abutments are used for 
supporting the load from the superstructure and to transfer them onto the foundation. A 
single span bridge has no piers and only two end abutments, while the multi-span bridges 
have intermediate piers in addition to the two end abutments.  
(d) Accessory structures 
Accessory structures of a bridge are structural members, which are subordinate to main load 
carrying structure of the bridge. It may include parapets, service ducts, high mast lighting 
structures, sign structures etc. Although the dead load of these ancillary structures of the 
bridge are taken into consideration while designing the bridge,  the load carrying capacity of 
these individual components of the bridge is ignored.  
2.6. Research Gap and Scope of work : 
It has been observed that the pile supported bridges founded in regions having liquefiable soil may 
suffer from severe damages and sometimes collapse of the entire structure may happen in the event 
of an earthquake. So, it is quite imperative to understand the behaviour of pile foundation in liquefied 
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soil and their failure mechanisms. The review of various foundation failure mechanisms of pile 
supported bridges in case of liquefaction has been presented in this chapter. The methodology of 
analyses is based on the conventional engineering concepts and it can be easily implemented in 
practice. All these above failure mechanisms were thoroughly studied and were applied to seven  
number of case studies of midspan collapse of simply supported bridges. These case studies are 
thoroughly studied and presented later in the Chapter 4 of this dissertation.  
The following conclusions can be drawn from this chapter: 
1. The current understanding of the pile supported bridge failures in liquefied soil: The foundation 
of pile supported bridges can fail in liquefied soil because of (1) Bending failure due to lateral 
spreading of soil, (2) Shear failure due to high shear load from the superstructure, (3) Buckling 
failure due to higher unsupported length of pile in the liquefied soil, (4) Failure due to excessive 
settlement.  
2. It can be noticed that the abutment piles of a bridge are quite vulnerable to bending failure due 
to lateral spreading of surrounding soil. The effect of the lateral spreading on the piles reduces as 
one moves from the end abutments towards the middle piers of a bridge. Further, the settlement 
failure can happen at any part of the bridge, which fails to point out the vulnerability for the middle 
piers to fail. The buckling failure of slender pile can also happen to any support of the bridge, if it 
has insufficient lateral stiffness, provided by the liquefied soil. Similarly the shear failure can 
happen at any support of the bridge, not specifically at the middle piers. Therefore, these failure 
mechanisms cannot successfully explain the rationale behind the midspan collapse of pile 
supported bridges in liquefied soil. 
3. The consideration of change in the dynamic parameters of the bridge support, due to liquefaction 
is ignored in the current methodologies of analysis, except by reducing the stiffness value of the 
soil by p-multipliers . The natural period, lateral displacement, lateral acceleration of the pile may 
get altered due to the changes in soil stiffness during liquefaction in soil. Very few work has been 
done in this aspect of the bridge structures.  
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4. Although the bending failure of piles due to the lateral spreading of soil has been known for 
decades and the bridges are being duly designed to counter such effects, the simply supported 
bridges still continue to fail in liquefied soil near the middle spans. It is quite possible that there 
can be some other failure mechanisms which may play its role for this kind of mid-span collapse 
of bridges. 
Therefore, the following work has been defined as the scope of work for the present study:  
1. Carry out detailed literature survey regarding behaviour of piles and pile supported bridge piers 
in liquefiable deposits.  
2. Carry out the detailed estimation regarding the stability/capacity calculation of the pile 
foundations in liquefied soil, to investigate the reason behind failure of various pile foundations 
of bridges, which are reported in case studies in Chapter 4.  
3. Propose a hypothesis to explain the midspan collapse of pile supported bridges in liquefied soil 
with detailed calculations.  
4. Reinvestigate the case studies carried out in the Step 2 above in the light of proposed hypothesis, 
if the novel failure mechanism can explain the midspan collapse of bridges.  
5. Design and carryout experiments on a model scaled down bridge to validate the hypothesis. 
The explanation of various failure mechanisms, presented in this chapter along with the numerical 
calculations presented in Chapter 4 will help researchers and practical engineers in carrying out quick 
calculations for estimation of the limiting loads, displacement and their bending moments for pile 
foundations for a site with difficult soils like liquefiable soil to verify the structural adequacy of the 
foundations.  
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Chapter 3 :  Analytical formulation for midspan collapse of simply supported 
bridges in liquefiable deposit 
 
3.1 Outline of the chapter: 
Pile supported river bridge failures are still observed in liquefiable soils after most major earthquakes. 
One of the recurring observations is the mid span collapse of bridges (due to pier failure) with the decks 
falling into the river, while the piers close to the abutment and the abutment itself remain stable. 
Therefore, it can be possible that some failure criteria are still not considered adequately.  This chapter 
proposes a mechanism for this observed collapse through analytical formulation. It has been shown 
previously through experiments that the natural period of pile supported structures increases as soil 
liquefies and it primarily depends on the depth of liquefaction. Due to the riverbed profile (i.e. water 
depth variation along the river width), the increase in natural period for the central pier is more as 
compared to the adjacent ones. Correspondingly, the peak displacement demand on the central pier also 
increases as soil progressively liquefies further promoting differential pier-cap displacement. If the pier-
cap seating length is inadequate, it may cause unseating of the decks leading to collapse. The collapse of 
Showa Bridge (1964 Niigata earthquake, Japan) is considered in this chapter to explain the mechanism. 
The study suggests that the bridges need to be stiffened at the middle span so as to reduce additional 
displacement demand as soil progressively liquefies. Practical implications are also discussed.  
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3.2 Introduction:  
It has been quite observed in the major earthquakes that the middle spans of the pile supported river 
bridges have been collapsing without much damage to the abutments and its adjacent supports. It is quite 
vital to understand the state-of-the-art knowledge on the different failure mechanisms of piles in 
liquefiable deposit for investigating the plausible reason behind such a peculiar phenomenon.  Hence, a 
detailed literature review was carried out as mentioned in the previous chapter to understand the various 
failure mechanism of piles in the event of liquefaction. It has been found that the pile may fail in (1) 
bending failure due to the inertial and kinematic load due to lateral spreading of soil; (2) shear failure due 
to higher shear stress due to inertial load and kinematic load along with insufficient shear confinement; 
(3) buckling failure due to the higher superstructure load and lack of lateral restraint from the loss of soil 
support due to liquefaction; and (4) excessive and differential settlement failure due to settling of pile for 
mobilization of skin friction and end bearing resistance. Bending failure is quite predominant for piers 
close to the abutments as the impact of lateral spreading of soil is quite significant near the abutments. 
Similarly, the shear failure is quite predominant for the piles which have inadequate shear reinforcement. 
Further, the cases of buckling failure and settlement failure can happen for any of the bridge piers and 
hence, could not explain the reasons behind the special case of midspan failure of simply supported girder 
bridges. Therefore, a theory is hypothesized and elucidated in this chapter to explain the observed 
phenomenon of midspan collapse of pile supported bridges in liquefiable deposits. The theory behind the 
hypothesis has been presented along with one case study example of collapse of famous ‘Showa’ bridge 
during 1964 Niigata earthquake.  This chapter is presented in terms of two analytical methodologies, both 
of which indicate that the lateral stiffness of the middle pier in case of liquefied soil is the least among all 
the piers. These methodologies are described as follows.  
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3.3 Analytical methodology I: 
A simply supported straight multi-span bridge with a simple geometry has been adopted for this analysis. 
Figure 3-1(a) shows a schematic diagram of the longitudinal section of a typical multi span bridge spanning 
across the river, where the piles of its abutments and intermediate piers passes through liquefiable 
deposits into the non-liquefiable stiff stratum. A uniform thickness of liquefiable deposit has been 
assumed for the simplified analysis here. One half of this bridge has been reproduced in Figure 3-1(b) 
(assuming both halves of the bridge being symmetrical). The Figure 3-1(b) illustrates the difference 
between piles supporting a central pier and piers close to the abutments.  
Few things may be noted from the figures:  
(a) Due to riverbed profile, the water depth increases as we move from the abutments towards the center 
of the river channel.  
(b) Due to continuous scouring and in the absence of scour protection work, the water depth may increase 
over time at the center of the river channel. Also due to scour, the top soil in the central mudline usually 
consists of very loose soil deposit.  
All the information above lead to the fact that the central piers have relatively higher unsupported length 
of piles as compared to any other support of the bridge. 
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Figure 3-1 (a)Schematic diagram of a typical multi span bridge showing the abutment and pier 
foundations; (b) Diagram to illustrate the difference between piles supporting central pier and piers 
close to abutments 
During liquefaction, it may be reasonable to expect for the homogeneous ground that it will liquefy more 
or less equally to a fixed depth which is shown schematically in Figure 3-1(a). This postulation is in broad 
agreement with the simplified method of obtaining the depth of liquefaction prescribed in codes of 
practices (Eurocode 8: Part 2, 2011).  It can be observed in Figure 3-1(b) that the unsupported length of a 
piled bridge support will comprise of its length in air (Hair), its length in water (Hwater) before the 
liquefaction in soil. Once the soil liquefies, the unsupported length will also encompass the depth of 
liquefaction, in addition. Therefore, it can be concluded that the piles supporting central piers will have 
higher unsupported length as soil liquefies. The next section of this chapter explores the impact of higher 
unsupported length of central pier on other design parameters of the bridge.  
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The parameters required for such analysis are: dead load acting on the pile head, ground profile and type, 
pile details, PGA at the site, liquefaction depth, and natural period of the piers before and after 
liquefaction. Following the AASHTO code (AASHTO, 1994), equivalent static analysis (single-mode 
method) has been used for carrying out the analysis. In the single mode method, the seismic load is 
applied to the frame as an equivalent static horizontal force in either the longitudinal or transverse 
direction. The equivalent static force is estimated from the natural period of the frame, simplified as a 
single degree of freedom (SDOF) and the code-specified response spectra. It is of interest to note here 
that the single-mode method is well suited for structural frames with well-balanced spans with equally 
distributed stiffness (AASHTO, 1994). 
Further, Figure 3-2 (a) shows mathematical idealization of the problem which is inspired from the Showa 
and Rokko Bridge configuration (See Figure 1-1(f) and 2-1(a)) and the assumptions used in the analysis are 
listed below: 
1. Each pier is considered separately and the interactions due to the adjacent piers are neglected. 
2. The pier and the pile beneath are treated to be continuous without any pile cap, for simplicity of 
the analysis. As a result, same section property is used throughout for pile and pier as shown in 
Figure 3-2.   
3. Piles are considered to be flexible and as result there will be bending and no rigid body rotation.   
4. The effect of group action on the individual pile is ignored. The torsional effect on the piles due 
to the earthquake motion is also ignored. 
5. Pile is axially stable i.e. enough base capacity to resist bearing failure. It is assumed to be fixed at 
its tip.  
6. Piles are laterally unsupported in liquefiable zone and as a result there are no Winkler springs (p-
y springs) in the liquefiable part (as shown in Figure 3-2(b)). 
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7. The spring stiffness of the soil is not explicitly considered. Rather the lateral stiffness of the pile is 
considered, depending upon the unsupported length of the pile. By such a consideration, it is 
assumed that the pile is absolutely fixed at the point of fixity.  
It may be appreciated that a generalized analysis of real structural systems (in our case river bridge) is 
difficult and as a result, bold simplifications are necessary. As the aim of this study is to draw broad 
conclusions on the cause of collapse, a two-layered simplified ground profile (as shown on Figure 3-2) is 
chosen.  
 
Figure 3-2 Model of Bridge Pile with its unsupported length (L0) (a) Pre-liquefaction Stage(L0-pre)  (b) Post-
liquefaction stage((L0-post) 
To evaluate the natural period of the bridge pier and to further predict the response through this 
simplified analysis, the parameters that are necessary are shown in Figure 3-2 and also defined below:  
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Unsupported length of the pile (L0): For a typical two layered soil system shown in Figure 3-2(a), the 
unsupported length of the pile before liquefaction comprises of the pile length in the air, water and a 
depth of fixity. In geotechnical parlance, a point of fixity in the pile is assumed to be the point, at which 
the pile is fixed inside the ground. The point of fixity is conventionally determined from the study of 
Bhattacharya and Goda (2013) and is assumed to be located at certain depth below the ground surface 
in case of non-liquefied ground. This depth is estimated from the relationship presented in the 
aforementioned literature. It is of interest to note here that the depth of fixity of various piles for 
varying surrounding soil stiffness can be estimated by the relationship given in Bhattacharya and Goda 
(2013), which is derived from the original work of Davisson and Robinson (1965). The authors 
(Davisson and Robinson, 1965) have used the analytical solutions given by Matlock and Reese (1961) 
to estimate the depth of fixity for piles for their bending and buckling criteria. The relationship 
between the depth of fixity and the diameter of the piles given in Bhattacharya and Goda (2013) is 
applicable only for the sandy soil, whose subgrade modulus increases linearly with the depth.  
For the cases of liquefied ground, the point of fixity of pile is adopted at a point, below the bottom 
level of liquefied soil strata. As per Indian Standard (IS 2911, 2010) and the literature (Bhattacharya 
and Goda, 2013), the depth of fixity for a pile in service condition before liquefaction is estimated to 
be at about 3d to 5d (shown in Figure 3-2(a)), where ‘d’ is the diameter of pile. At the condition of full 
liquefaction due to the earthquake, considering negligible lateral support from liquefied soil, the 
depth of fixity is about 3d from the interface of liquefied and non-liquefied soil stratum, rather than 
from the ground surface (Bhattacharya and Goda, 2013)(shown in Figure 3-2(b)). It is very clear that 
the unsupported length of the bridge pile at full liquefaction (L0-post) will comprise of its length in air, 
water, depth of liquefaction and depth of fixity (see Figure 3-2(b)).  
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a. Natural period (T): Depending upon the unsupported length and bending stiffness distribution along 
the length of the pile, the natural period of the piers will change. At full liquefaction, the natural period 
of the pier is denoted by Tpost and the natural period before liquefaction is denoted as Tpre. 
There are various methods to estimate the natural period of a bridge pier. Based on Indian code of 
practice (IRC:6, 2017),  the period of the pier can be obtained using equation 3-1 where the pier-pile 
is idealized as a single cantilever beam carrying the superstructure mass, resting on a foundation. 
         𝑻 =  𝟐. 𝟎√
𝑾
𝟏𝟎𝟎𝟎𝑭
         Equation 3-1 
      where W= Appropriate dead load of the superstructure and live load in kN before liquefaction  
F= Horizontal force in kN required to be applied at the center of mass of superstructure for one mm 
horizontal deflection at the top of the pier/ abutment, for the earthquakes in the transverse direction; 
and the force to be applied at the top of the bearings for the earthquakes in the longitudinal direction. 
This equation is valid only for the simply supported bridges.  
However, the European design code (Eurocode 8: Part 2, 2011) recommends that the natural period 
of the pier can be evaluated by Individual pier model method. In this method, the natural period of 
the pier can be evaluated as shown by Equation 3-2.  
         𝑻 =  𝟐𝝅√
𝑴𝒊
𝑲𝒊
   ;         Equation 3-2  
        Mi = Effective mass of the structure for the ith pier  ; 
        Ki = Lateral stiffness of the ith pier  ; 
Similarly, following the work of Lombardi and Bhattacharya (2014), the natural period of a pile in case of 
an earthquake is estimated based on idealization depicted in Figure 3-3. For the pre-liquefaction stage, 
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the stiffness offered by both the layers contributes to the natural period of vibration of the pile-pier 
system. The equation 3-3 can be used to find out the natural period for such a case,  where Ke-pre is the 
stiffness of the equivalent pile–pier system before liquefaction and Me is the equivalent mass lumped at 
the top of the pier as shown in Figure 3-3(a). 
𝑻𝒑𝒓𝒆 =  𝟐𝝅√
𝑴𝒆
𝑲𝒆−𝒑𝒓𝒆
         Equation 3-3  
      
The complete pile-pier system can be idealized as a fixed cantilever with an unsupported length L0-pre. So 
the lateral stiffness before the liquefaction becomes 
𝑲𝒆−𝒑𝒓𝒆 =
𝟑𝑬𝑰
𝑳𝟎−𝒑𝒓𝒆
𝟑         Equation 3-4 
where EI is the flexural stiffness of the pile.  
It is to be mentioned here that the soil springs denoted in Figure 3-3 (a) and (b) are for illustration purpose 
only, to signify that the surrounding soil provides lateral resistance. The lateral stiffness of the pile 
estimated in equation 3-4 and 3-6 later in this chapter is done by considering the unsupported length of 
the assumed cantilever pile only.  
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Figure 3-3 Idealisation of the soil-structure interaction for a piled support of a bridge; (a) before 
liquefaction; (b) after liquefaction. 
Conversely, the pile is laterally supported by only the underlying non-liquefiable soil layer after 
liquefaction. Hence, for the post liquefaction case, the whole pile-pier system can be idealized by a single-
degree-of-freedom system with equivalent post liquefaction stiffness Ke-post and equivalent lumped mass 
Me at the top as shown in Figure 3-3(b). So the natural period becomes 
𝑻𝒑𝒐𝒔𝒕 =  𝟐𝝅√
𝑴𝒆
𝑲𝒆−𝒑𝒐𝒔𝒕
          Equation 3-5 
where, the complete pile-pier system can be idealized as a cantilever with an unsupported length L0-post at 
full liquefaction (see Figure 3-3 (b)). So the stiffness of the combined pile-pier system at full liquefaction 
becomes 
𝑲𝒆−𝒑𝒐𝒔𝒕 =
𝟑𝑬𝑰
𝑳𝟎−𝒑𝒐𝒔𝒕
𝟑            Equation 3-6 
b. Spectral peak acceleration (A): It is a factor denoting the peak acceleration for the structure (idealized as 
single degree of freedom system here), derived from the response spectrum and it depends on the natural 
period of vibration and damping. As the natural period of the pile supported pier changes due to 
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liquefaction, the peak acceleration of the pile head also reduces consequently. The peak acceleration 
before the liquefaction 𝑨𝒑𝒓𝒆 is determined from the natural period of pile before liquefaction ( Tpre ) using 
the design response spectrum. Depending upon the regional codes, the design response spectrum may 
change. The determination of Apre, Apost with respect to the values of Tpre and Tpost is illustrated in Figure 3-
4 for example.  As the design response spectra are determined by taking the maximum values of the 
response of the single degree of freedom system, the applicability of it for the current study is quite 
pertinent. 
Similarly, the peak acceleration at full liquefaction 𝑨𝒑𝒐𝒔𝒕 is determined using natural period of pile at full 
liquefaction (Tpost ) and the response spectrum provided in the code of practice. Depending upon the 
notation of the code, an appropriate constant is sometimes multiplied with the ordinate to get these peak 
accelerations at extreme conditions (𝑨𝒑𝒓𝒆, 𝑨𝒑𝒐𝒔𝒕).  
 
Figure 3-4 Representation of Tpost, Tpre, Apost, Apre in a typical response spectrum 
c. Spectral peak displacement (D): It is defined as the peak displacement of the pier relative to the ground 
and it depends on natural period of vibration and damping. The values of the peak lateral displacement 
of the pile head for pre and post liquefaction stage are denoted by the suffix pre and post (Dpre and Dpost) 
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respectively. The peak displacement 𝑫𝒑𝒓𝒆 is determined from 𝑨𝒑𝒓𝒆 and Tpre by using the following 
relationship. 
𝑫𝒑𝒓𝒆 =  [
 𝑻𝒑𝒓𝒆
𝟐𝝅
]𝟐 . 𝑨𝒑𝒓𝒆          Equation 3-7 
Similarly, the peak displacement at full liquefaction  𝑫𝒑𝒐𝒔𝒕 is determined from 𝑨𝒑𝒐𝒔𝒕and Tpost by using the 
following relationship. 
𝑫𝒑𝒐𝒔𝒕 =  [
 𝑻𝒑𝒐𝒔𝒕
𝟐𝝅
]𝟐 . 𝑨𝒑𝒐𝒔𝒕             Equation 3-8 
Although the peak acceleration values (Apre  and Apost) used in equation 3-7 and 3-8  represent pseudo 
acceleration, the peak displacement obtained through these equation do represent ‘true’ values. In fact, 
the acceleration values in the design spectrum are derived from the respective peak displacement values. 
The peak displacement of a particular single degree of freedom system is directly evaluated by solving the 
fundamental equation of dynamics for the body. Hence, the above methodology can be used to predict 
the peak displacement of the respective single degree of freedom system reasonably.   
Furthermore, equations 3-7 and 3-8 can be combined to compare the enhanced spectral displacement at 
full liquefaction and is shown in equation 3-9. It may be noted that the change in spectral displacement is 
a function of two parameters: (a) Tpost/Tpre; (b) 𝑨𝒑𝒐𝒔𝒕/𝑨𝒑𝒓𝒆. It can be observed that although the term 
(
𝐴𝑝𝑜𝑠𝑡
𝐴𝑝𝑟𝑒
) being less than 1, will tend to reduce the overall displacement at full liquefaction, the increase in 
the natural period of the piers will increase its lateral displacement exponentially. However, based on 
equation 3-9, it is quite clear that elongation of natural period has a greater influence on the lateral 
displacement relative to the reduction in spectral acceleration.  
𝑫𝒑𝒐𝒔𝒕
𝑫𝒑𝒓𝒆
= [
𝑻𝒑𝒐𝒔𝒕
𝑻𝒑𝒓𝒆
]𝟐
𝑨𝒑𝒐𝒔𝒕
 𝑨𝒑𝒓𝒆
                       Equation 3-9 
 
 70 
 
The Figure 3-5 shows a graphical representation of equation 3-9 for different values of 𝑨𝒑𝒐𝒔𝒕/𝑨𝒑𝒓𝒆 and 
Tpost/Tpre. It can be easily noticed from Figure 3-5 that, as  Tpost/Tpre will be higher for mid piers relative to 
the piers adjacent to the abutments, the lateral displacement demand on the central piers will be higher 
as compared to the other piers. It may cause unseating of the deck leading to collapse.   
 
Figure 3-5 Variation of peak displacement with the increase in natural period due to liquefaction  
 
3.4 Case Study of Showa bridge failure during Niigata earthquake, Japan (1964):  
The case study of ‘Showa bridge’ is very well documented in the literatures (Bhattacharya et al., 2014). 
The Niigata earthquake occurred on 14th of June 1964 and registered a moment magnitude (Mw) of 7.6. 
The Showa Bridge, spanning across the Shinano River, was located some 55 km from the epicenter and it 
collapsed as a result of the earthquake. The total length of the bridge was about 307m. The bridge had 12 
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composite girders and its breadth was about 24m. The main span length was about 28m and side span 
length was about 15m (Fukuoka, 1966). The view of the collapsed bridge is shown in Figure 3-6.  
3.4.1 Foundation and Structural details of the bridge: 
The foundation of each supporting pier was a single row of 9 tubular steel piles connected laterally by a 
pile cap. Each pile was 25m long with outer diameter of 0.609m. The wall thickness of the upper 12m of 
the pile was 16mm and the thickness for the bottom 13m was 9mm. The material of the Showa Bridge 
piles, as per the Japanese standard JIS-A: 5525 (JSA, 2004) was assumed to be SKK490 grade steel pipe 
with the yield strength (σy) and ultimate strength (σu) of 315MPa and 490MPa respectively.  
A dead load of 6662 kN from the girder and the slab was being transferred to pier, which in turn was 
shared by the 9 piles (Bhattacharya, 2003). The axial load carried by each pile was estimated as 740kN. 
The design live loads are ignored as there was no significant traffic on the bridge during its failure. The 
bridge collapsed just one month after construction, which ensures less uncertainty regarding material 
strength as degradation of piles due to corrosion was not expected in such a short duration. 
3.4.2 Liquefaction Profile: 
Showa Bridge was situated in the coastal alluvial plain of the Niigata city which consists mainly of marine 
sediments. The sand was uniformly graded medium sand and its D60 was about 0.3 mm (Fukuoka, 1966). 
From the published SPT readings given in the study (Iwasaki, 1986) ,  it is quite clear that the upper strata 
was liquefiable, as the average, pre-earthquake N-value, for the top 15 m strata of Showa Bridge was 
found to be around 9.3. The study by Hamada and O’Rourke (1992) estimated the ground liquefaction 
profile and it has been shown in Figure 3-7. The soil at the site liquefied to a maximum depth of about 10 
m below the riverbed, and this depth decreased towards the abutments (Bhattacharya et al., 2014). 
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Figure 3-6 Collapse of Showa Bridge, 1964 Niigata earthquake 
 
Figure 3-7 Soil liquefaction profile (in grey) (Hamada and O’Rourke, 1992) 
 
3.4.3 Estimation of pertinent dynamic design parameters of Showa Bridge: 
3.4.3.1 Unsupported length of the pile (L0-pre , L0-post): 
It can be seen from Figure 3-8 that the pier P5 and P6 had completely collapsed during the earthquake. 
The unsupported length of the pile in pre-liquefaction and post liquefaction stage is determined with the 
appropriate depth of fixity as per the study (Bhattacharya and Goda, 2013).  The considerations of 
unsupported length for both the cases for pier P6 have been illustrated in the given Figure 3-9. The 
unsupported length for the piles is estimated as per the data available from the literatures (e.g. 
Bhattacharya et al., 2014) and is presented in Table 3-1. The present analysis also assumes that all the pile 
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are stable under vertical settlement, hence the support condition is considered as a fixed support at the 
tip of the pile.  
   
Figure 3-8 Schematic diagram of the collapse of the bridge along with the deflections of the pile caps 
(Hamada and O’Rourke, 1992) 
                     
Figure 3-9 Model of the Showa Bridge pile P6 a) Pre-liquefaction Stage b) Post-liquefaction stage 
G5-6 G6-7 
G7-8 G8-9 G9-10 G10-11 G11-A 
G4-5 G3-4 G2-3 
G1-2 GA-1 
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3.4.3.2 Natural period (Tpre, Tpost): 
The natural period of various piers of the bridge at before and after the liquefaction is estimated with  the 
help of equation 3-3, 3-4, 3-5 and 3-6. For estimation of lateral stiffness of the piles, the geometry of the 
individual piles, length of the pile above the ground surface and the depth of liquefaction have all been 
taken from available literatures (Bhattacharya et al., 2014; Hamada and O’Rourke, 1992) and is shown in 
Figure 3-9 for pile P6. The natural period of different piles have been calculated for both the extreme 
condition and presented in Table 3-1.  
3.4.3.3 Estimation of peak acceleration and displacement (Apre , Apost and Dpre , Dpost ): 
The response spectrum of Type I (Level 2) earthquake, prescribed by Japanese Code of Practice (JRA, 2002) 
is used for estimating the peak acceleration of the pile heads of this bridge in Japan. The natural period 
of the piled supports at both the extreme conditions ( Tpre, Tpost ) are used to estimate the peak 
accelerations. The peak acceleration for different piles are estimated from the expressions proposed in 
Table 6.4.1 of Standard Values of the Design Horizontal Seismic Coefficient for Level 2 Earthquake Ground 
Motion (Type I), khc0 of DESIGN SPECIFICATIONS FOR HIGHWAY BRIDGES of the Japanese codes of practice 
(JRA, 2002), which are simple analytical equations of the above-mentioned response spectrum. This Type 
I (Level 2) ground motion corresponds to an inter-plate earthquake with less probability of occurrence 
during the bridge service life but are strong enough to cause critical damage. This response spectrum was 
considered to take the worst-case scenario into consideration while doing a generalized design. The 
acceleration values thus estimated are used to find out the peak displacements at the head of each of 
piles using equations 3-7 and 3-8. All these values are mentioned in the Table 3-1. The values of the peak 
acceleration of all the piles and the methodology to estimate them are given in detail in Appendix 3-A.  
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Table 3-1 Analysis for the Showa Bridge, Niigata Earthquake, 1964 
Pier 
No 
Hair 
(in 
m) 
Hwater 
(in 
m) 
Hliq 
(in 
m) 
L0-pre 
(in 
m) 
Tpre 
(in 
sec) 
Dpre 
(in 
m) 
L0-post 
(in 
m) 
Tpost 
(in 
sec) 
Dpost 
(in 
m) 
%  
increase  
in D 
Remarks* 
P1 6 0 5 9 1.60 0.64 13.4 2.91 1.18 23.15 NC 
P2 6 2.5 5 11.5 2.31 1.21 15.9 3.77 1.76 46.66 NC 
P3 6 3 6.5 12 2.47 1.32 17.9 4.50 2.92 115.3 C 
P4 6 3 8 12 2.47 1.32 19.4 5.08 3.43 153.8 C 
P5 6 3 9 12 2.47 1.32 20.4 5.48 3.79 190.7 C 
P6 6 3 10 12 2.47 1.32 21.4 5.88 4.17 207.6 C 
P7 6 4 4.5 13 2.78 1.54 16.9 4.13 2.61 56.25 NC 
P8 6 4.5 1 13.5 2.95 1.66 13.9 3.08 1.76 37.5 NC 
P9 6 5 1 14 3.11 1.79 14.4 3.25 1.89 34.07 NC 
P10 6 2 0.5 11 2.17 1.11 11 2.14 1.13 37.61 NC 
P11 6 0 0.5 9 1.60 0.64 9.4 1.57 0.65 7.142 NC 
*NC: No Collapse- The piers did not collapse after full liquefaction; *C: Collapse- The piers collapsed after 
full liquefaction. 
3.4.4 Discussions on analysis  
1. It can be observed that the natural period of different piers increases due to the liquefaction. For soil 
with greater depth of liquefiable soil, the margin of increase is even higher. For instance; the natural 
period of the pile P6 becomes almost 5.8 seconds at full liquefaction, whereas before the liquefaction 
it was only 2.47 seconds. This resulting increased natural period of the piers falls in the displacement 
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sensitive zone of the response spectra. So, the lateral displacement of the pile top may increase 
manifold. 
2. Secondly, the peak displacement prior to liquefaction (Dpre) for the different piers can range from 0.9m 
to 1.7m. This value increases as the liquefaction sets in. For example, the peak displacement at full 
liquefaction (Dpost) for pile P6 increases up to a value of 4m. It can also be noticed from the Figure 3-
5, as the natural period of the P6 at full liquefaction increases to almost 2.3 times of its pre-
liquefaction value, its spectral displacement may increase by almost 200%.  
3. The displacement values obtained in Table 3-1 can be representative of the actual displacement 
values of the pile head. But these values are estimated by referring to the design spectrum of JRA 
(2002). Design spectrums are obtained by studying the earthquake history of a specific region and 
carrying out the statistical analysis to find out the maximum acceleration values for various single 
degree of freedom systems of varying natural period. Hence, this peak displacement value obtained 
by referring to design spectrum may represent the peak displacement in general, but not the actual 
displacement which might have occurred due to that specific earthquake. Further, as the piles have 
been simplified to be SDOF (single degree of freedom) systems and the liquefied soil still offers some 
resistance, the actual displacement can be lesser than the values mentioned in Table 3-1.  
4. Thirdly, when the degree of increase in the peak displacement of the pile for the different piled 
supports before and after liquefaction are compared, it can be seen that for pier P3, P4, P5, P6, the 
margin of increase is much higher than that of the other piers. The displacements of the 
aforementioned piles increased by more than 100% to about 200%, where as for other piles the 
margin of increase was at most or less than 50%. It may be noted that as the natural period of the pile 
increases to a higher value due to the liquefaction, the equivalent static force acting at the pile top 
reduces due to reduction in the value of the peak acceleration. Nonetheless, the lateral displacement 
due to this effect becomes so high that it may have unseated the deck, which may have caused the 
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failure. It can also be seen from Figure 3-8 that the piles P3, P4, P5, P6 in the Showa Bridge had failed 
in the site as well. For other piles P1, P2, P7, P8, P9, P10, P11, the margin of increase in peak 
displacement at full liquefaction as compared to that of before liquefaction is not more than 50%. 
3.5 Analytical methodology II: 
This methodology is following the work by  Kerciku, Bhattacharya and Burd (2007), where he has shown 
through a an analytical methodology that the middle piers of a simple supported bridge do have less 
lateral stiffness as compared to the piers adjacent to the abutments. This analytical methodology has been 
provided to reinforce that fact that the middle piers of pile supported bridges are more susceptible to fail 
during an earthquake.  
In such an analysis, the simply supported bridge has been simplified to be a frame consisting of springs as 
shown in Figure 3-10. The pile supported piers of the bridge are denoted as P1, P2, P3 etc. P1 and Pn  are 
used to denote the abutments of the bridge.  These frame elements are further simplified as springs in 
Figure 3-11. The symbols β*,β signify their lateral stiffness value (force required for unit displacement at 
that corresponding point). This lateral stiffness value depends upon the material and geometrical 
properties of the corresponding element. The spring constant β* is used for denoting the lateral stiffness 
of the rigid abutment foundation P1, for any deflection towards the left-hand side. Similarly, spring 
constant β* is used for denoting the lateral stiffness of the rigid abutment foundation Pn for any deflection 
towards the right-hand side. The lateral stiffness β is used to denote the lateral stiffness of the flexible 
foundation of the intermediate piers. The lateral stiffness β* , β can be evaluated as follows: 
𝜷 =
𝟏𝟐𝑬𝑰
𝑳𝟑
        Equation 3-10  
𝜷∗ =
𝟏𝟐𝑬∗𝑰∗
𝑳∗𝟑
        Equation 3-11 
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where E is the Young’s modulus of the pile, I is the second moment of area, L is the distance from the 
top of the pile to its assumed fixity point, and the value E*, I* and L*  in equation 3-11 are assumed for 
the same properties of the abutment piles.  
The deck axial stiffness is represented as ‘λ’  in the Figure 3-11, which can be evaluated as follows: 
𝜆 =
𝐸𝑑𝐴𝑑
𝐿𝑑
  
Ed, Ad  and Ld are used to denote the Young’s modulus, cross-sectional area of the deck and the length of 
the deck respectively.  
Further the spring stiffness experienced by each of the pile is due to the sum of the spring stiffness from 
the left hand side (Kli) and that of the right hand side (Kri) as shown in Figure 3-12. The value of Kli and Kri 
for different piled supported are given in the  Table 3-2.  
 
Figure 3-10 Equivalent frame of a multi-span simply supported bridge  
 
Figure 3-11 Equivalent springs for characterizing the frame elements of a multi-span simply supported 
bridge  
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Figure 3-12 Spring systems for a single pile being represented by a single spring 
 
Table 3-2 Left and right stiffness experienced by different piles 
I (pile number) Spring stiffness equation  
Kli Kri 
1 β* 1
1
λ +
1
𝐾𝑟2 + 𝛽
 
2,3,4----, n-2 1
1
𝛽∗ +
1
λ
+ 𝛽 
1
1
λ +
1
𝛽 + 𝑘𝑟𝑖+1
 
n-1 1
1
λ +
1
𝑘𝑙𝑖−1
+ 𝛽 
1
1
λ +
1
𝑘𝑟𝑛
 
n 1
1
λ +
1
𝑘𝑙𝑛−1
 
β* 
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For a typical bridge, the abutment lateral stiffness is much higher as compared to the lateral stiffness of 
the flexible intermediate piles. Further, the deck axial stiffness is also higher as compared to the lateral 
flexural stiffness value of the intermediate flexible piles. Hence by assuming 𝛽∗ ≫ 𝛽  and for an assumed 
value of 
λ
𝛽
> 10000, it can be seen that the total lateral stiffness at any pile can be represented in the 
form as  
𝐸𝑑𝐴𝑑
𝐿𝑑
 ( 1
𝑖−1
+ 1
𝑛−𝑖
).   
Hence, the factor inside the braces in the above expression, reduces as the value of ‘i’ increases from 1 to 
n/2, and further increases as the value of ‘i’ increases from n/2 to n. It is of importance to note here due 
to such distribution of lateral stiffness, the central piers of the bridge have lower lateral stiffness as 
compared to any other piers. Hence, this middle pier may displace more as compared to any other bridge 
supports, when same magnitude of external load is being applied to them.  
Unlike Analytical Methodology I, the Analytical Methodology II can only suggest that the middle piers have 
lower lateral stiffness as compared to any other piers of the bridge. Hence, it is deduced that as a result 
of higher displacement near the central pile due to lower lateral stiffness and due to the differential 
displacement of the pile heads of different bridge supports, the midspans may collapse first in case of an 
earthquake.  
 
3.6 Codal provision for seating length for bridges  
The lateral displacement of the pier in case of liquefied condition of soil increases manifold as compared 
to that of nonliquefied condition. Hence, if the seating length is not adequately provided for the pier, the 
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spans may get unseated. The provisions of codes of practice of various countries regarding the seating 
length of a bridge is reviewed as follows. 
According to Japanese code of practice (JRA, 2002), the seating length of a girder at its support shall be 
determined considering the pier length and the maximum deflection of pier in case of earthquake, 
according to the following equations. The seating length of a girder at its support shall not be less than 
the value obtained from the equation 3-12.   
𝑺𝑬𝑴 =  𝟎. 𝟕 + 𝟎. 𝟎𝟎𝟓𝒍                    Equation 3-12 
 where SEM is the minimum seating length (in m) and ‘l’ is the length of a span.  
According to the AASHTO LRFD design handbook (AASHTO, 2010) , the seating length for straight bridges 
can be found by the following equation 3-13 
𝑺𝒍(𝒊𝒏 𝒎) = 𝟎. 𝟐𝟎𝟑 + 𝟎. 𝟎𝟎𝟏𝟔𝟕𝒍 + 𝟎. 𝟎𝟎𝟔𝟔𝟔𝑯      Equation 3-13 
where l=  effective length of the bridge from one expansion joint to the other. 
H= height of the pier. 
Similarly, the New Zeland Bridge manual (Anon, 2004) estimates the minimum seating length as per the 
following equation 3-14. 
𝑺𝒍(𝒊𝒏 𝒎) = 𝟐𝑬 +  𝟎. 𝟏 > 𝟎. 𝟒 𝒎       Equation 3-14 
where Sl   is the seating length and the E  = relative movement between the span and the support.  
According to the Eurocode 8 (Eurocode 8: Part 2, 2011), the minimum seating length can be estimated by 
the following equation 3-15. 
𝒍𝒐𝒗 = 𝒍𝒎 + 𝒅𝒆𝒈 + 𝒅𝒆𝒔          Equation 3-15 
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𝒅𝒆𝒈 = 𝝐𝒆 × 𝑳𝒆𝒇𝒇 ≤ 𝟐𝒅𝒈        Equation 3-16 
𝝐𝒆 = 𝟐 
𝒅𝒈
𝑳𝒈
          Equation 3-17 
where lm is the minimum support length required for the deck, ensuring the effective transmission of 
vertical load, should not be less than 400 mm; 
deg is the effective displacement between two decks due to spatial variation in seismic ground 
displacement, dg is the effective ground displacement. It can be estimated by following the relevant 
clauses in Eurocode 8: Part 1; 
des is the effective seismic displacement of the support due to deformation of the structure. It can also be 
found out with the help of empirical relationship given in the codes; 
Lg   is the distance beyond which the ground motion can be considered as completely uncorrelated; Leff is 
the effective length of the deck.  
Most of these aforementioned regulations in the regional code pf practice clearly show that the bridge 
supports are considered as fixed base structures while calculating the seating lengths. It also assumes 
equal soil support conditions at all the bridge supports.  However, the consideration of Soil-structure-
interaction(SSI) will result in seating length requirements, which can not be estimated by the conventional 
cosideration of fixed base structure. Many a times, it has been observed that the conventional fixed base 
consideration may undermine the damage potential of the bridge in case of earthquakes (Chouw, 2016). 
3.7 Summary  
It has been observed while collating the cases of collapsed bridges in liquefied soil, as discussed in the 
previous chapter, that many bridges had undergone midspan collapse due to the liquefaction in soil. The 
failure mechanisms explained in the literature till the date do not explain this midspan collapse 
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exclusively. Hence an analytical methodology (Analytical Methodology I) has been proposed in this 
chapter to explain the vulnerability of the central pile supported pier for such failure in liquefied soil. In 
the Analytical Methodology I, it can be observed that the unsupported length of the pile increases as a 
result of liquefaction. The elongated natural period of the middle pier, in consequence to the subsurface 
liquefaction, is higher as compared to the other piers. Hence, the peak displacement of the middle piers 
increases much more as compared to its adjacent piers. Consequently, the midspan of the bridge may 
collapse due to the differential displacement, arisen out of this effect. In addition, the analytical 
methodology proposed by the researcher (Kerciku, Bhattacharya and Burd, 2007) also indicates that the 
middle piers of the bridge also has lower lateral stiffness as compared to any other piers of the bridge 
close to the abutments. Hence, they are likely to undergo more lateral displacement as compared to any 
other piers due to any actuating force, like an earthquake. As a result, midspan collapse of the bridge can 
be possible. 
Further, it has also been demonstrated through the Section 3.6 of this chapter, that various codal 
provisions of different regional codes estimate the seating length of the girders from the empirical 
formulas and other analysis, which assumes the foundation to be a fixed base condition. It does not take 
the soil-structure-interaction into consideration, which may undermine the damage potential of the 
structure in case of hazards like liquefaction in earthquakes.  As the novel failure mechanism explained in 
this chapter has not been addressed in various regional codes, it can be quite possible that many bridges 
constructed till the date are susceptible to such collapse due to effects related elongation of natural period 
of the piers.  
The failure of pile supported bridges in the liquefied soil has been studied in detail through the analysis of 
various specific case studies in the next chapter.  
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Chapter 4 : Case studies of bridge collapses 
 
4.1 Outline of the chapter: 
It has been observed in various earthquakes that the pile supported bridges still continue to fail in case of 
liquefiable soil in the event of an earthquake. It corroborates with the fact that the behaviour of piles in 
such condition is not completely understood. The identified failure mechanisms of piles in liquefied soil 
are: bending failure due to the inertial load of the superstructure and kinematic load due to the lateral 
spreading of soil; shear failure due to insufficient shear reinforcement; buckling instability failure due to 
high vertical loads and associated imperfections; settlement failure due to loss of effective stress  in the 
liquefied zone and finally failure due to the effects related to the elongation of natural period of the piers 
(also referred to as dynamic failure). The objective of this chapter is to carry out the detailed analysis 
regarding the collapse of six different bridges across the world for their failure in case of liquefied soil. 
These bridges have been analyzed with respect to its pile foundation conditions, keeping in the mind the 
susceptibility of a foundation failure in the event of liquefaction. The practical implications of this effect 
are also discussed. 
4.2 Introduction:  
The pile-supported river bridges in liquefiable soils continue to fail after most major earthquakes, see for 
example Figure 4-1(a) to (d) taken from earthquake observations between 1975 and 2011. Various bridges 
that had failed in the liquefiable soils have also been listed in Table 2-1 in Chapter 2 of this dissertation. It 
is quite apparent that some unidentified failure mechanism or some unknown design parameters are still 
not taken into account while designing the bridges, as a result many bridges still continue to collapse. As 
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already noted in the previous chapters, a simply supported bridge founded on piles, in liquefiable deposit 
can be vulnerable to collapse due to five different failure mechanisms. These failure mechanisms are: 
1. Bending failure due to the inertial load of the superstructure and kinematic load due to the lateral 
spreading of soil;  
2. Shear failure due to insufficient shear reinforcement;  
3. Buckling instability failure due to high vertical loads and associated imperfections;  
4. Settlement failure due to loss of effective stress in the liquefied zone  
5. Failure due to the effects related to the elongation of natural period of the piers 
The study explained in this chapter was specifically carried out to investigate whether various simply 
supported bridges, which had failed in previous earthquakes, were susceptible to failure with respect to 
the novel failure mechanism explained in the previous chapter. Therefore, an attempt has been made in 
this chapter to analyze different collapsed bridges for their failure with respect to the aforementioned 
five failure mechanisms. The detailed analysis of six different bridges have been described in the chapter. 
The results of the analysis of another 2 bridges have been simply tabulated at the end of the chapter.  
 
(a) (b) 
86 
 
 
 
(c) (d) 
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Figure 4-1 Collapse of bridges due to liquefaction: (a) Rio-viscaya bridge (1991 Telire-limon earthquake) 
(reprinted with permission from The Ticotimes 2014); (b) Gaoyuan Bridge (2008 Wenchuan 
earthquake)( image courtesy of Zhenming Wang); (c) Miaoziping bridge (2008 Wenchuan earthquake) 
(image courtesy of AndyHe829, https://en.wikipedia.org/wiki/2008_Sichuan_earthquake) ; (d) Rokko 
bridge (2011 Tohoku earthquake)( image courtesy of Mark Yashinsky) 
All the bridge collapses reported in the chapter have been analyzed for the failure of their intermediate 
piers. It has also been reported by Cubrinovski et al. (2014) and Franke and Rollins (2017) that the 
abutments of bridges may undergo back rotation due to the deck pinning effect in the event of 
liquefaction. However, the focus of the present work has been restricted to the failure of piers only, not 
the abutments.  
4.3 Objective: 
The aim of this chapter is to revisit the collapse of six pile supported bridges in the view of identified failure 
mechanisms. The bridges are:  
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1. Rio Viscaya Bridge that collapsed in 1991 Telire Limon earthquake (Costa Rica);  
2. Juan Pablo II Bridge that collapsed in 2010 Maule earthquake (Chile);  
3. Shengli Bridge that collapsed in 1976 Tangshan earthquake (China);   
4. Panshan Bridge that collapsed in 1975 Haicheng earthquake (China);  
5. Miaoziping Bridge that collapsed during 2008 Wenchuan earthquake (China) and  
6. Gaoyuan Bridge that collapsed during 2008 Wenchuan earthquake (China).  
These bridges have been analyzed with respect to various failure modes of piles in liquefied soil as already 
mentioned in the Section 4.2 of this chapter. It must be mentioned here that the aim of the paper is not 
to pinpoint the exact reason of failure of different bridges mentioned in this paper, but to highlight the 
numerous possible failure modes of such kind of bridge foundations. It is hoped that the simplified 
methodology presented in this work can be used to back-analyze other bridge failures and to understand 
their behavior in liquefied soil. 
4.4 Methodology followed during case study: 
The following assumption and methodology have been adopted while carrying out the estimation of the 
design parameters for the bridges in the case studies. 
1) Estimation of vertical load due to superstructure: The dead load due to the superstructure of the 
bridge has been reported directly, if that has been mentioned in the literature. Else, two 
alternative approaches are followed, e.g. superstructure load approach and pile capacity 
approach.  
Superstructure load approach: 
In this approach, the dead load due to the superstructure is calculated based upon the description 
of the section of the bridge, e.g. girder, deck sections etc. Reasonable assumptions are taken for 
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their strength of structural and non-structural components, if these are not mentioned. This 
methodology is used for case studies depicted in Section 4.9 and 4.10 of this chapter.  
Pile capacity approach: 
If the superstructure details are not adequate to estimate its dead load, then this approach can 
be followed. In this approach, the pile capacity is estimated based on SPT values and soil profile 
of the surrounding soil given in the literature. Standard engineering correlations are used, if 
required. Once the pile capacity is estimated and a factor of safety of 2.5-3 is used to estimate the 
probable superstructure dead load.  
2) The embankment slopes are assumed to be stable under the static driving shear stress and the 
lateral spreading of the approach embankment happens as the driving stress transiently exceed 
the available shear strength of soil.  
3) The liquefaction susceptibility of surrounding soil at various sites of bridges are calculated as per 
the methodology given by Idriss and Boulanger (2006). 
4) The bridges covered in this case study chapter had identical pier and pile cross section, mostly 
with a thin pile cap, or without any pile cap in some cases.  Therefore, the different pier-pile 
systems of the bridge have been termed as ‘pile’ for the analysis in this study, where the 
substructure pier and the foundation pile have been treated as a whole (similar to Showa bridge 
example in Section 3.4 of Chapter 3). 
5) The bending moment (factored and plastic) capacity of the pile is estimated based upon the code 
of practice of India  (IS-456, 2000; SP-16, 1980).  
6) For estimation of some of the design parameters, the natural period of the piled support of the 
bridge can be required. The natural period of the pile before liquefaction (Tpre) and after 
liquefaction (Tpost) is evaluated by regarding the pile as a fixed cantilever, which is fixed in the non-
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liquefied ground at the point of fixity. The natural period of the pile before liquefaction can be 
found out by the following formulations. 
𝑻𝒑𝒓𝒆 =  𝟐𝝅√
𝑴𝒆
𝑲𝒆−𝒑𝒓𝒆
          Equation 4-1 
where Me is the lumped mass acting at the top of the pile and Ke-pre is the equivalent lateral 
stiffness of the pile before the liquefaction. Ke-pre is evaluated as follows,  
𝑲𝒆−𝒑𝒓𝒆 =
𝟑𝑬𝑰
𝑳𝟎−𝒑𝒓𝒆
𝟑          Equation 4-2 
where L0-pre  is the unsupported length of pile in pre-liquefaction condition and EI is the flexural 
stiffness of pile, assuming the pile to be having fixed -free joint as shown in Figure 4-2.  
 
Figure 4-2 Schematic representation of pile supported pier before the liquefaction 
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7) Similarly, the natural period of the pile at full liquefaction (Tpost) can be estimated by the simple 
formulations as given below assuming the pile to be fixed in the non-liquefied bottom soil as 
shown in Figure 4-3.  
𝑻𝒑𝒐𝒔𝒕 = 𝟐𝝅√
𝑴𝒆
𝑲𝒆−𝒑𝒐𝒔𝒕
          Equation 4-3 
𝑲𝒆−𝒑𝒐𝒔𝒕 =
𝟑𝑬𝑰
𝑳𝟎−𝒑𝒐𝒔𝒕
𝟑           Equation 4-4 
where ‘Ke-post’ is the equivalent lateral stiffness of the pile at full liquefaction condition, ‘EI’ is the 
flexural stiffness of the pile and ‘L0-post’ is the unsupported length of the pile at full liquefaction 
condition as shown in Figure 4-3. 
 
Figure 4-3 Schematic representation of pile supported pier after the liquefaction 
  
8) The bending moments acting on the pile due to the lateral spreading soil are calculated about a 
point of fixity in the pile, which is assumed to be the point at which the pile is fixed inside the 
ground. The point of fixity is conventionally determined from the study (Bhattacharya and Goda, 
2013) and is assumed to be located at certain depth below the ground surface in case of non-
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liquefied ground. This depth is estimated from the graph presented in the aforementioned 
literature. But for the case of liquefied ground, the point of fixity of pile is adopted at a point, 
below the lowest level of liquefied soil strata. This depth from the lowest level of liquefied strata 
is determined from the study (Bhattacharya and Goda, 2013). 
 
 
4.5 Case Study of failure of Rio-viscaya bridge during Telire-Limon earthquake, Costa Rica 
(1991):  
On 22nd April, 1991 a major earthquake of Mw=7.7, centered in the Talamonica Mountains of Costa Rica 
shook eastern Costa Rica and north-eastern Panama at around 15.57 (local time), see Figure 4-4(a). The 
epicenter was located 39.5 km southwest of Limon and had a focal depth of 21.5 km. the distance of the 
liquefied site was around 92 km from the epicenter . The causative fault was found to be a shallow angle 
crustal reverse fault; where the east coast of Costa Rica moved in the northwest direction. The earthquake 
destroyed most of the bridges due to the liquefaction.  
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Figure 4-4 (a) Epicenter of Telire-Limon earthquake in the map (derived from USGS website); (b) 
Collapse of Rio-Viscaya bridge during the earthquake (reprinted with permission from The Ticotimes, 
2014) 
4.5.1 Bridge and foundation configuration: 
Rio–viscaya Bridge, present in the south of Limon was a part of Route 36, a primary road running along 
the shorelines of Carribean sea. It was a 3 span pre-stressed concrete I-beam bridge. The photograph of 
the damaged bridge has been given in Figure 4-4(b). The schematic diagram of the bridge in case of 
undamaged condition as well as in the collapsed condition has been given in the Figure 4-5(a). The 
abutments have three vertical and three battered piles, while the intermediate piers have six piles in a 
row, each of them being square piles of the size of 360 mmx 360 mm. The length of the piles for the 
intermediate piers and the abutments was around 15m (Yasuda et al., 1993a). The pile extended 
approximately 10-11 m below the river surface elevation. The superstructure load acting on each of the 
pile of intermediate piers has been estimated to be around 310 kN following the ‘Pile Capacity approach’. 
Appendix 4-A can be referred for the detailed calculation regarding the ‘pile capacity approach’. 
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4.5.2 Earthquake damage to the bridge: 
The collapse of this bridge during 1991 Telire-Limon earthquake is a classic example of liquefaction failure 
as the bridge was founded on liquefiable fine-grained sandy soil, close to the Caribbean Sea. As mentioned 
in the Priestley (1991), the intermediate piles of the bridge were much more damaged than that of the 
northern and southern embankments. The first intermediate pier from the northern embankment side 
was badly damaged and its location could not be precisely determined after the earthquake (see pile ‘P2’ 
in Figure 4-5 (a)). 
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Figure 4-5 (a)Schematic diagram of the collapse of Rio-viscaya Bridge (adapted from (Priestley, 1991)); 
(b) Lateral spreading stress (estimated) acting on the pile; (c) N60  value of surrounding soil near the 
bridge 
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Figure 4-6 (a) Peak acceleration vs Epicentral distance relationship given in Yasuda (1993); (b) Depth of 
liquefaction as determined following methodology of Idriss and Boulanger (2006); (c) Pile-soil spring 
interaction model of P1 in SAP2000; 
4.5.3 Subsurface condition: 
The borehole log near the north abutment suggests that the whole length of pile was embedded in loose 
sand and silty soil layer (Priestley, 1991). It is illustrated in Figure 4-5(b). The variation of SPT values across 
the soil depth is shown in Figure 4-5 (c). Due to the limited information on the subsurface conditions in 
the available literature, a reasonable assumption has been taken regarding the soil profile. It has been 
assumed that the soil is mainly comprised of sandy soil with variable relative density, as determined by 
the SPT values shown in Figure 4-5 (c), given by Yasuda et al. (1993). The depth of liquefaction as well as 
the factor of safety against liquefaction for different soil layers were estimated using the semi-empirical 
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methodology formulated by the researchers (Idriss and Boulanger, 2006) and is given in detail in next 
section. 
4.5.4 Evaluation of liquefaction triggering:  
The liquefaction triggering was computed for the site using the deterministic procedures by Idriss and 
Boulanger (2006). This methodology has already been given in brief in Section 2.3 (I) in Chapter 2 of this 
dissertation. The PGA has been appropriately taken as 0.29 g by using the empirical relationship proposed 
by Yasuda et al. (1993), depending upon its epicentral distance (see Figure 4-6(a)). The PGA value thus 
established is also commensurate with the PGA values given in Franke and Rollins (2017). The fineness 
content (FC) has been adopted  as 11% , by referring to the study by Yasuda et al. (1993). The results of 
this analysis have been presented in the Figure 4-6(b). It can be observed that there are two thin non-
liquefied zones, i.e. in the depth range of 1.9-3m and 8-9.5m. It has been assumed that the soil liquefied 
up to the tip of the pile, which is at around 10.5 m from the ground surface, for the sake of conservatism. 
This is of interest to note here that the interpretation of findings of ‘semi-empirical’ approach of the study 
(Idriss and Boulanger, 2006) was done in conformity with other similar studies. This can also be verified 
with the study of Franke and Rollins (2017), where they have reported the depth of liquefaction during 
1991 Telire-Limon earthquake at Rio-Bananito, a bridge close to the Rio Viscaya Bridge.   Moreover, the 
study (Priestley, 1991) also suggests that the soil liquefied almost up to the tip of the pile. 
4.5.5 Reasons of failure: 
4.5.5.1 Calculations for Bending failure:  
An attempt has been made to estimate the bending moment acting on the piles due to the laterally 
spreading soil and a comparison has been made with the bending moment capacity of the pile section, so 
that an inference can be reached. For the calculation of compressive strength, flexural capacity and other 
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design parameter of concrete of pile, the reference has been made to the concrete grades described in 
Indian code of practice (IS-456, 2000; SP-16, 1980).  
A. Estimation of bending moment due to laterally spreading soil (kinematic load): 
The kinematic load imposed on the pile due to the liquefied soil can be estimated by a force-based method 
or a displacement-based method in an engineering practice. The example of pile P1(see Figure 4-5(a)) pier 
is considered for the calculation. The average height of water level was just about 1.5m above the river 
mudline around mid-piers at the time of earthquake. Hence, it is assumed that the top 1.5m of the pile 
length was inside the water and the rest 9m of the pile was inside the liquefied soil. The bulk unit weight 
of fine sand is assumed to be 18 kN/m3. The estimation of maximum bending moment acting on the pile 
due to the load applied from liquefied soil layer about the pile tip point ‘B’ (see Figure 4-5(b)) is given in 
Table 4-1. 
The limit equilibrium analysis prescribed by JSCE (2000) and JRA (2002) has been used for the estimation 
of kinematic load in the present work, which states that the lateral horizontal stress acting at a certain 
depth on a pile due to the lateral spreading of soil is equal to the 30% of its total overburden stress at that 
depth. In case of lack of soil parameters (e.g. cohesion, shearing resistance of soil) in the literature, this 
method seems to be feasible and a quick method to apply the load due to lateral spreading directly on 
the pile. Hence, a pseudo-static limit equilibrium analysis has been carried out with the kinematic load 
being applied along the length of pile P1 up to the tip in this analysis (see Figure 4-5(b)). Similar limit 
equilibrium analysis has been also used by Dash et al. (2009) for the case studies of failure of piles in case 
2001 Bhuj earthquake.  
The bending moments due to the force applied from the laterally spreading soil is estimated about the 
point of fixity as described in Section 4.4 –(8) of this chapter. But as the soil surrounding the Rio-viscaya 
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bridge liquefied almost up to the tip of the pile, all the acting moments are estimated about the pile tip 
to consider the worst case scenario.  
Table 4-1 Bending moment due to lateral spreading of soil for Rio-viscaya Bridge 
Layer Maximum lateral stress (kPa) (see 
Figure 4-5(b)) 
Bending Moment about point 
‘C’(kNm) 
Fine Sand 0.3 × (9 × 18 + 1.5 × 10)  =  53 4.41 × 9 × 0.36 × 4.5 +
0.5 (53 − 4.41) × 9 × 0.36 ×
3 = 300  
Total Bending 
Moment  
  
300 
B. Estimation of bending moment due to superstructure (inertial load): 
It has been suggested in the literature that the inertial load is predominant only in the top 10-15d portion 
of the pile, where ‘d’ is the diameter of the pile. As the inertial load which is supposed to be maximum at 
the pile cap, is only effective in the top 3.5 to 5.25m of the pile P1, the effect of the inertial load on the 
overall bending moment has been neglected for the study. 
C. Estimation of bending moment capacity of the pile: 
The individual piles of each of the support were square piles of size 360 mm x 360 mm. The capacity 
calculation of the pile is based on the Indian codes of practice for plain and reinforced concrete (SP-16, 
1980; IS-456, 2000). It has been found that factored moment capacity of the pile section (Mu) is around 
152 kNm. The plastic moment capacity of the pile section( Mp =1.5*Mu )is found to be 228 kNm (as shape 
factor is 1.5). The detailed methodology to estimate the bending moment capacity has been given in 
Appendix 4-A.  
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The plastic moment carrying capacity of the pile is lower than the bending moment acting on it due to the 
laterally spreading soil. Therefore, it is quite possible that the pile P1 could have failed by bending failure 
because of lateral spreading of soil. 
In addition, it was also found by Franke and Rollins (2017) that many of the affected bridges of Costa Rica 
during 1991 earthquake had pile foundations of 36 × 36-cm square piles, which were likely reinforced with 
just four #4 (  12mm ) steel bars, with a resulting composite flexural stiffness (EI) of approximately 35,000 
kN · m2 for each pile. In such a situation, the plastic moment capacity of the pile is even lower than the 
estimated one as presented in the section earlier.  
4.5.5.2 Calculation for Shear Failure: 
During the earthquake, the shear demand sometimes exceeds the shear capacity of the pile and as a 
result, the shear failure happens. Hence, it is quite important that the shear capacity of the pile be checked 
against the shear demand at the critical section and sufficient shear reinforcement be provided. The 
detachment of the pile cap from the pile and the crushing of concrete near the pile cap-pile joint due to 
shear failure has been a common observation in most recent earthquakes (see examples from 1995 Kobe 
earthquake among others). Hence, the shear force exerted on the pile at this critical section has been 
calculated in this study. For the cross-section area at the pile head; near the pile cap, the shear force is 
equal to the inertial load as the kinematic load is null at this level.  
A. Estimation of shear demand on each pile. 
It is of significance to note here that the peak acceleration of pile P1 should be estimated according to its 
natural period of vibration, considering it to be a cantilever beam, as the acceleration of the pile can be 
quite different from the PGA. As the liquefaction sets in, the peak acceleration of the superstructure 
decreases due to elongation of natural period and the higher damping provided by the liquefied soil. 
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Hence, the peak acceleration as well as the shear force attains maximum value in the pre-liquefaction 
stage.  The natural period of the pile P1 before liquefaction has been calculated by assuming the pile as a 
cantilever beam found in the stiffer stratum as shown in Figure 4-2.  
The natural period for the pier was found to be around 0.5 second in the pre-liquefaction stage by 
following the methodology described in Section 4-4 (3). Thereafter, the peak acceleration for the pile P1 
is evaluated from the response spectra mentioned in the seismic code of Costa Rica (CSCR, 2002) and is 
found out to be around 0.45g. As the dead load acting on each pile was 310 kN, the shear force acting on 
each pile was found to be; 310 x 0.45=139.5 kN. 
B. Estimation of shear capacity of each pile:  
The shear capacity of the pile is estimated with the help of Indian code of practice (SP-16, 1980) in this 
exercise and the detailed methodology is given in Appendix 4-B. The pile is assumed to have shear 
reinforcement of 8mm dia bar at a spacing of 150 mm. the shear capacity of the pile is found to be 119 
kN. Hence, the pile may fail because of shear failure as the shear capacity is less than the shear force 
applied due to the inertial load.  
4.5.5.3 Calculation for Settlement failure: 
The net settlement of any pile under the action of axial load is evaluated by estimating its components: 
(a) settlement due to slip between soil and pile interface, (b) axial compression of the pile. It is of interest 
to note here that as the pile is completely embedded inside the liquefiable layer, it is rational to take the 
reconsolidation settlement of the complete liquefiable soil mass into consideration for evaluating the 
settlement of the pile along with the aforementioned two factors. 
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The settlement of the soil due to reconsolidation after liquefaction has been calculated based on the 
approach by Ishihara and Yoshimine (1992). This approach provides an estimate of post-liquefaction 
volumetric strain as a function of either the factor of safety against liquefaction or the maximum cyclic 
shear strain and the relative density or SPT resistance. Further, these volumetric strains of different layers 
can be integrated over the entire soil depth to find out the total settlement. Hence, the whole ground 
profile up to the pile tip has been assumed to be comprised of sand and silt of variable relative density as 
already mentioned and it has been divided into layers of 1m each.  The factor of safety against liquefaction 
has been evaluated following the method recommended by Idriss and Boulanger (2006) and is given in 
the previous Section 4.5.4. Further, the strain values are calculated as per Figure 2-C-1 in Appendix 2-C, 
mentioned in the study by Ishihara and Yoshimine (1992). The given Table 4-2 illustrates the estimation 
of settlement for each sand layer due to the reconsolidation of soil. It can be seen that the pile settled by 
0.20 m for the mobilization of additional skin friction and end bearing resistance.  
Further, the displacement due to the mobilization of the skin friction and due to the axial compression of 
the pile has been evaluated with the help of finite element software SAP2000 v15. A simplified model of 
pile P1 has been built in the software. The soil structure interaction for the pile has been modelled by 
means of p-y, t-z and q-z springs as shown in Figure 4-6(c). These spring values were calculated as per the 
code of practice of American Petroleum Institute (API, 2007). The estimated skin friction and end bearing 
capacities for the pile are given in Appendix 4-A.  Before the liquefaction, the spring values are estimated 
based on the soil properties before the earthquake. These soil spring values are degraded for the 
liquefaction condition as per recommendation given in the literature (Ashford, Boulanger and 
Brandenberg, 2011; Brandenberg et al., 2007) by multiplying the p-multiplier, which in turn depends upon 
the SPT blow count of clean sand ((N1)60cs). The superstructure load acting on the pile is taken the same as 
before, ignoring the dynamic effect on the axial load. The settlement due to the slip between the soil and 
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the pile and due to the axial compression of the pile before the liquefaction was found to be around 0.018 
m, which increased to 0.20m after liquefaction. 
Table 4-2 Post liquefaction settlement due to reconsolidation of soil for the site of Rio-viscaya Bridge 
Layer No. Thickness 
(in m) 
(N1)60 FOS Volumetric 
Strain 
Settlement of  
each layer(in m) 
Layer 1 1 7 0.13 4.5 0.05 
Layer 2 1 50 2 0.1 0.001 
Layer 3 1 33 1.36 0.2 0.002 
Layer 4 1 27 0.266 1.75 0.019 
Layer 5 1 15 0.18 2.75 0.028 
Layer 6 1 11 0.18 3.5 0.04 
Layer 7 1 22 0.29 2 0.025 
Layer 8 1 26 0.6 1.6 0.018 
Layer 9 1 32 1 0.25 0.0025 
Layer 10 1 27 0.49 1.1 0.015    
Total Settlement 0.2005 
FOS =Factor of safety against liquefaction 
(N1)60 = SPT value corrected for energy ratio of 60% and an effective overburden stress of 1 atm. pressure 
Therefore, by adding up the settlements due to these three factors, the total settlement due to 
liquefaction for the pile P1 was found to be around 0.40 m. Hence, the pile P1 was expected to fail due to 
excessive settlement as well. 
4.5.5.4 Calculation of Buckling failure: 
As the pile tip is resting on a non-liquefied soil stratum ranging in the depth of 9.5m-11m, the pile may 
fail due to buckling on account of loss of lateral stiffness of the surrounding soil. Hence, the following 
checks have been carried out as described below.  
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The study by Bhattacharya et al. (2004) found out two criteria to broadly distinguish the probable case of 
buckling from the cases where it may not occur. The pile foundations having slenderness ratio less than 
50 are usually not susceptible to buckling failure due to the liquefied soil. Further, the ratio of the axial 
load and the Euler’s critical load value (i.e. Pu/Pcr) should be maintained below 0.35 to avoid the failure. 
This would allow a factor of safety of 3 against buckling instability. These design checks have been applied 
to the pile P1 to investigate its plausibility to fail by buckling. 
The axial load (Pu) acting on the pile P1 is considered to be 310 kN. Assuming the depth of liquefaction to 
be around 8 m, the unsupported length of the pile is found to be around 15 m at full liquefaction, which 
includes the portion of the pier-pile system outside the ground surface, depth of liquefaction of soil along 
with the depth of fixity. The pile P1 is assumed to be free at the top end as decks were simply supported 
on piles. The tip of the pile is assumed to be fixed at the point of fixity in the bottom non-liquefiable soil 
strata. Hence, effective length of the pile (Leff)= 2 x 15 = 30 m. It is of interest to note here that the bridge 
had only one row of piles with a pier cap of around 50cm thickness, hence the pile head is assumed to be 
free at the top and the effective length is taken accordingly. The bridges having multiple row of piles can 
have varied boundary conditions and the effective length should be decided with due consideration of 
the same. The study by Bhattacharya and Madabhushi (2008) can be referred for further details. 
 Criteria-I: 
Critical Load= 𝑃𝑐𝑟 =
𝜋2×𝐸𝐼
𝐿𝑒𝑓𝑓
2 =360.7 kN        
So 
𝑃u
𝑃𝑐𝑟
  =0.85 > 0.35 (Unsafe) 
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Criteria-II: 
Radius of gyration =𝑟𝑚𝑖𝑛 = √
𝐼
𝐴
= √
𝜋×14
64
/
𝜋×12
4
= 0.10 
So, the slenderness ratio = 
𝐿𝑒𝑓𝑓
𝑟𝑚𝑖𝑛
=
30
0.10
= 300 > 50 (highly susceptible to fail by buckling)  
Hence, the pile P1 was susceptible to fail in buckling as well. A pile with such high slenderness ratio is 
classified as long slender column in structural engineering parlance and is designed accordingly. 
 
4.5.5.5 Calculation for Failure due to effects related to increase in natural period of the piers: 
The natural periods of different piers have been determined following the methodology as described 
earlier in the Section 3.3 in Chapter 3. The peak acceleration for piers are estimated from response 
spectrum defined in Costa Rica Code of practice (CSCR, 2002). These acceleration values are used to find 
out the peak displacements at the head of each of piers following the methodology described earlier. The 
natural period, peak acceleration and peak displacement of the piers for the condition of before and after 
liquefaction are mentioned in the Table 4.3.  
Table 4-3 Change in the lateral displacement demand of the piers of the Rio-viscaya Bridge 
Pier 
No 
Hair 
(in 
m) 
Hwater 
(in 
m) 
Hliq 
(in 
m) 
L0-pre 
(in m) 
Tpre 
(in 
sec) 
Dpre 
(in 
m) 
L0-post 
(in m) 
Tpost 
(in sec) 
Dpost 
(in m) 
Tpost/
Tpre 
Dpost/
Dpre 
P1 2 3 8 7.5 0.52 0.03 15 1.46 0.11 2.83 3.5 
P2 2 3 8 7.5 0.52 0.03 15 1.46 0.11 2.83 3.5 
Hair=Mean height of each pier in air, Hwater=Mean height of water column at each pile, Hliq=Mean depth of 
liquefaction 
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It can be observed that the natural period of individual piers increase due to the liquefaction. For instance; 
the natural period of the P1 becomes almost 1.5 seconds at full liquefaction, whereas before the 
liquefaction it was only 0.5 seconds. This resulting increased natural period of the piers falls in the 
displacement sensitive zone of the response spectra. So, the lateral displacement of the pile top increases 
by a large amount. It can also be observed that the peak displacement prior to liquefaction (Dpre) for 
different piers is around 0.03m, which increases as the liquefaction sets in. The peak displacement at full 
liquefaction (Dpost) for pier P1 increases up to a value of 0.11 m, almost 3 times that of its value before 
liquefaction. It can be observed that as the natural period of the pier P1 at full liquefaction increases to 
almost 2.8 times of its pre-liquefaction value, its peak displacement increases by more than 200%, which 
could have contributed to the collapse of the bridge.  
4.5.5.6 Remarks about failure: 
 It can observed that the pile foundation of Rio-viscaya Bridge had become susceptible to various 
individual failure modes, e.g. bending failure, shear failure, settlement failure, buckling failure and failure 
due to effects related elongation of natural period because of the liquefied soil. The actual mode of pile 
failure at the site can be different from each of these individual failure modes and can be a nonlinear 
combination of them, which may require a more advanced numerical analysis, e.g. finite element analysis, 
discrete element modelling etc.  
 
4.6 Case study of failure of Juan Pablo II Bridge during Maule Earthquake, Chile (2010): 
A mega thrust earthquake of Mw=8.8 shook the south-central part of Chile at around 3.34 am local time 
on 27th February 2010. According to USGS (United States Geological Survey), the epicenter for the quake 
was located at 36.027° S and 72.834°W , near Maule at a hypo-central depth of around 35 km (see Figure 
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4-7(a)). This earthquake occurred in a subduction zone, where the Nazca plate passes eastward and 
downward beneath the South American plate. The extent of earthquake had a spread of around 550 km 
x 170 km along the coastline of Chile, spreading from Valparaiso in the north to Valdivia in the south (see 
Figure 4-7(a)).   
       
(a)                                                                            (b) 
Figure 4-7 (a) Epicenter of 2010 Chile earthquake in the map; (b) Damage to Juan Pablo II bridge 
during the earthquake 
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4.6.1 Bridge and foundation configuration: 
The Juan Pablo II bridge crosses the Bio-Bio River, connecting Concepción and San Pedro cities. Its 
construction began in 1968 and it started operating in 1974. The bridge has a total length of 2310 m with 
a width of 21.9 m with a total of six lanes. It has 70 spans, each composed of seven reinforced concrete 
girders and a concrete deck. Each span is supported by two reinforced concrete columns each of around 
6m in length and of 2.1 m in diameter. These columns are in turn supported by piles of diameter of 2.5m 
each with length of 16m (Kato et al., 2014; Verdugo and González, 2015)(see Figure 4-8(a)). The dead load 
acting on each pier is around 12700 kN (Vijayaruban et al., 2015). The complete details regarding the 
internal steel reinforcement in the concrete, if any, are however, unknown. 
4.6.2 Earthquake damage to the bridge: 
Significant liquefaction and lateral spreading was observed in Concepción and along the coast line, which 
adversely affected the performance of nearby bridges. The soil near the Juan Pablo II bridge liquefied 
during the earthquake. However, the intermediate piers located in the river bed did not present any 
evidence of lateral displacements, but excessive settlement due to the occurrence of liquefaction were 
observed (see Figure 4-7(b)). The pier no 44, 45, 46 had settled by around 0.7-0.8m. The magnitudes of 
the vertical displacements along the bridge is shown in Figure 4-8 (b)(derived from (Verdugo and 
González, 2015)). Several sand boils with diameters of 1 to 10 meters were observed near the bridge 
abutment structure on both sides of embankments.  
4.6.3 Subsurface condition: 
According to the borehole data given in the study (Verdugo and González, 2015)and (Vijayaruban, 
Muhunthan and Fellenius, 2015) the stratigraphic profile is constituted by a multilayer sequence of soft 
soil and loose and dense sands of variable density and the same is shown in Figure 4-9(a). 
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(a)  (b)  
Figure 4-8 (a) Pile foundation of Juan Pablo II bridge; (b) Settlement of various piers of Juan Pablo II 
bridge during 2010 Chile earthquake  
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(b)           
 (c)   
Figure 4-9 (a) Stratigraphy of the soil near the Pier No 44 ( derived from(Verdugo and González, 2015)); 
(b) Variation of Factor of Safety against liquefaction of different soil layers with respect to depth from 
the ground surface;  (c)  Schematic diagram showing the dimension of the pile and variation of lateral 
pressure acting on the pile due to laterally spreading soil; 
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4.6.4 Evaluation of liquefaction triggering:  
The stratigraphy of the soil near P44 along with its (N1)60 values are taken from the study carried out by 
Verdugo and González (2015). The variation of SPT values with respect to the depth from the ground 
surface is presented in Figure 4-9 (a).  The liquefaction triggering analysis is done by using the deterministic 
procedure by Idriss and Boulanger (2006). The PGA has been appropriately taken as 0.40g after 
considering the literatures ((Ledezma, 2013), (Kato et al., 2014) and (Verdugo and González, 2015)). The 
fineness content (FC) has been taken as 10% (Ledezma, 2013). It can be observed in Figure 4-9(b)that 
there are 3 distinct liquefiable zones, namely LZ1, LZ2 and LZ3. The top liquefiable zone is of 3m thick 
(namely liquefiable zone LZ1) and the lower one is of 5 m at a depth from 11m to around 16m (LZ2) from 
the ground surface. The bottommost liquefiable soil zone (namely liquefiable zone LZ3) lies at a depth of 
around 23 m. The thickness of this layer is around 10m. It is of interest to note that due to the presence 
of LZ2 near the tip of the pile, there is a possibility that the pile may have suffer from excessive settlement, 
as the end bearing resistance may deteriorate significantly during liquefaction. It can also be noted that 
there is a thick liquefiable zone (LZ3) at the depth of 22-33 m from the ground surface. Although this 
method of liquefaction triggering analysis reasonably predicts the liquefaction up to the depth of 20-25m, 
it has been applied for defining liquefiable layer lying below 25m as well; for the sake of preliminary 
assessment. It is worth mentioning here that the study by Stewart and Knox (1995) found out that the 
excess pore water pressure can exist in the excess of 30m below the ground to create liquefaction. So, it 
can be quite possible to find this bottommost liquefiable zone (LZ3) at such great depth. It can be seen 
that the results of the liquefaction triggering analysis in this study is commensurate with the findings given 
in Vijayaruban et al. (2015). 
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4.6.5 Reasons of failure: 
4.6.5.1 Calculations for Bending/Rotational failure:  
An attempt has been made to estimate the bending moment acting on the pile foundation due to the 
laterally spreading soil and a comparison has been made with the resisting bending moment capacity of 
the foundation, so that an inference can be reached. As the diameter of the pile foundation is around 
2.5m, it was deemed necessary to check whether the pile is stiff or flexible for its bending behavior.  
The criterion given by Matlock and Reese (1961) has been used to classify the pile for its bending 
behavior. It suggests that for flexible pile  
 𝑳𝒑 ≥ 𝟒 × √(
𝑬𝒑𝑰𝒑
𝜼𝒉
)
𝟓
           Equation 4-5 
 And for rigid pile  𝑳𝒑 ≤ 𝟐 ×  √(
𝑬𝒑𝑰𝒑
𝜼𝒉
)
𝟓
         Equation 4-6 
where Lp is the length of pile; Ep is the Youngs modulus of pile; Ip  is the second moment of area of pile; 𝜂ℎ   
is the constant of subgrade modulus. 
 √(
𝐸𝑝𝐼𝑝
𝜂ℎ
) =  
5
 √(
20 ×109 ×0.2059
5560×103
)
5
= 3.749 m 
As the length of pile  Lp ≥ 4 x 3.749  15m, the pile is considered to be a flexible pile. 
A. Estimation of bending moment due to laterally spreading soil (kinematic load): 
The pile foundation of Pier No 44 (named as P44 hereon) has been taken for the calculation of lateral load 
acting on it due to the lateral spreading of soil. It has been taken as an example so that this methodology 
can simply be extended for other foundations of the bridge. The limit equilibrium analysis has been used 
to estimate the kinematic load acting on the pile due to lateral spreading of soil as it suggests a very quick 
method for doing so and requires less input as compared to any other methods. It can be observed in 
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Figure 4-9(b) that there is a deep non-liquefied zone of around 8-9m thick sandwiched between the two 
liquefiable layers LZ1 and LZ2. So, the lateral spreading will happen only in the shallow liquefied zone LZ1. 
Therefore, the depth of liquefaction is taken as 3 m, equal to the thickness of the top liquefiable layer, for 
the calculation. The estimation of lateral stress due to laterally spreading soil is given Table 4-4. Out of the 
pile length of 16m of pile  , 1.5m is inside the water and rest is inside the soil (Kato et al., 2014). The base 
is conveniently assumed at the top surface of LZ2 layer as shown in Figure 4-9 (c). Further, the depth of 
the bottom of the pile foundation, below the lowest scour level/mudline is known as the grip length (see 
Figure 4-9 (c)). As during the liquefaction, the soil in the LZ1 and LZ2 zone lost all its shear strength, the 
grip length of the pile has been estimated by subtracting them from the total length of 16m. So, the grip 
length of the pile before liquefaction was 16m, while at full liquefaction condition, it reduces to a value of 
8m, accounting for the length of pile between assumed base and point ‘C’ in Figure 4-9(c).  
Table 4-4 Bending moment due to lateral spreading of soil for Juan Pablo II bridge 
Layer Maximum lateral stress (kPa) (see Figure 4-
5(b)) 
Bending Moment about point 
‘C’(kNm) 
Shallow 
liquefiable 
zone LZ1 
0.3 × (1.5 × 9.8) = 4.41 𝑎𝑡 𝑝𝑜𝑖𝑛𝑡 ′𝐴′ 
 (overburden stress only due to water) 
 
4.41 + 0.3 × (3 × 18) = 20.61 𝑎𝑡 𝑝𝑜𝑖𝑛𝑡 ′𝐵′ 
 (overburden stress due to soil and water) 
4.41 × 3 × 2.5 × 9 + 0.5 ×
(20.61 − 4.41) × 3 × 2.5 ×
8.5 = 814  
 
Bending 
Moment 
(Mk)  
  
814 
 
B. Estimation of inertial load: 
It has been a popular engineering practice to use Peak Ground Acceleration (PGA) as a better measure for 
the estimation of inertial load (Hi) for various structures. The flexible structures like pile supported bridges 
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will have accelerations corresponding to its natural period, unlike rigid structures which may have similar 
accelerations as that of the soil. Hence, response spectrum method has been used for the estimation of 
peak acceleration corresponding to its natural period, and then it was multiplied with the superstructure 
tributary mass for that pile to get the inertial load.  
The natural period of the pile P44 before liquefaction has been calculated with the help of equation 4.1 
and 4.3, following the procedure given in the earlier Section 4.4 of this chapter. The unsupported length 
of the pile P44 at full liquefaction can be estimated by referring to the Figure 4-10.  The natural periods of 
pile P4 are estimated to be 1 second and 3 seconds for pre-liquefaction and at full liquefaction condition 
respectively. Further the peak acceleration values of the pile for both the extreme conditions have been 
evaluated with the help design spectrum mentioned in Chilean code of practice (Nch 433. of 96, 1996). 
The natural period and spectral acceleration of 4 piles, i.e P1, P44, P45, P68  have been evaluated and 
mentioned in Table 4-9 below. 
     
Figure 4-10 Illustration of a single pile (a) Pre-liquefaction Stage ;(b)Post-liquefaction stage; (c) Layout 
of the pile P44; 
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Table 4-5 Analysis for the Juan Pablo II Bridge    
Pier No Hair 
(in m) 
Hwater 
(in m) 
L0-pre 
(in m) 
Tpre 
(in sec) 
Apre 
(m/sec2) 
L0-post 
(in m) 
Tpost 
(in sec) 
Apost 
(m/sec2) 
1 5.00 0.00 13.20 1.00 0.82 16.20 1.36 0.47 
44 5.00 2.65 14.00 1.09 0.70 17.00 1.46 0.42 
45 5.00 2.65 14.00 1.09 0.70 17.00 1.46 0.42 
68 5.00 0.00 13.30 1.01 0.81 16.30 1.37 0.46 
Hence, the inertial load acting before liquefaction (Hi-pre) and that of at full liquefaction (Hi-post) for P44 can 
be found out by using the corresponding spectral accelerations as shown below.  
 𝑯𝒊−𝒑𝒓𝒆 = (𝟎. 𝟕𝟎 × 𝟔𝟑𝟓𝟎 ) 𝒌𝑵 ≈ 𝟒𝟒𝟒𝟓 𝒌𝑵      
𝑯𝒊−𝒑𝒐𝒔𝒕 = (𝟎. 𝟒𝟐 × 𝟔𝟑𝟓𝟎 ) 𝒌𝑵 ≈ 𝟐𝟔𝟔𝟕 𝒌𝑵       
The inertial load is assumed to act at the pile head-pile cap joint (ground surface level) as the maximum 
superstructure load starts getting distributed to the soil at this level. As the point of fixity of a pile changes 
in the course of liquefaction, the bending moment is calculated for both extreme conditions with different 
lever arms and the critical value is taken for further analysis. The lever arm for the inertial load is estimated 
to be 3.5m before liquefaction, about point A’ (see Figure 4-10). Hence, the bending moment acting on 
the pile before liquefaction is (Mi-pre)= 4445 x 7.5=33337 kNm. Similarly, for the conditions prevailing at 
full liquefaction, the bending moment is taken about its corresponding point of fixity (at C) with a lever 
arm of 14.6 m(see Figure 4-10). Hence the moment acting on the pile due to the inertial load (Mi-post)= 
2667*10.5=28003 kNm. So, the bending moment due to inertial load is taken to be 33337 kNm for further 
analysis.  
(a) (b) (c) 
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C. Combination of bending moment due to inertial and kinematic load: 
The guidelines prescribed by Department of Transportation, California (Caltrans, 2011) has been adopted 
here for taking  the effects due to the inertial and kinematic load into consideration while estimating the 
bending moment acting on the pile due to liquefaction.  It suggests that for a typical bridge bent case, the 
combination of 100% 𝑘𝑖𝑛𝑒𝑚𝑎𝑡𝑖𝑐 ± 50% 𝑖𝑛𝑒𝑟𝑡𝑖𝑎𝑙 should be done to analyse peak demands due to both 
these effects.   
Hence 𝑴𝒕𝒐𝒕𝒂𝒍 = Mk+0.5x Mi  =814 +0.5 x 33337 =17482 kNm    Equation 4-7 
It is of interest to mention here that the results obtained by following the guidelines prescribed by 
Tokimatsu et al. (2005); Department of Transportation, California (Caltrans) (2012) give almost similar 
results as prescribed in Mohanty and Bhattacharya (2019). Brief details of all these guidelines are also 
given in Section 2.3.1.3 in Chapter 2. The aforementioned methodology by Department of Transportation, 
California (Caltrans) (2012)  has been used for its simplicity in calculation and requires less input.  
D.  Estimation of bending moment capacity of the piles: 
It can be seen from the Figure 4-9 (b) that Juan Pablo II bridge has unplugged cylindrical concrete piles as 
foundation. But the pile has been considered plugged for the study to case the worst case scenario for 
bending as the flexural moment capacity of a unplugged cylinder pile is much higher than a plugged one. 
The theory of bending has been used to estimate the moment capacity of the pile , considering it to be a 
Euler-Bernoulli beam. According to theory of bending: 
𝑴𝒓 =
𝒇
𝒚
𝑰          Equation 4-8 
where M= Moment capacity of a beam due to bending; f= flexural stress ; y = distance of the outermost 
fiber from the neutral axis; I= second moment of area. 
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Assuming M30 concrete as per Indian code of practice  
𝐼 = 𝜋
(25004−21004)
64
× 10−12 = 0.962 𝑚4   
𝑀𝑟 =
𝑓
𝑦
𝐼 =
30×106×0.962
1.25
= 23088 𝑘𝑁𝑚    
As the total resisting bending moment of the pile is higher as compared to the bending moment due to 
the combined action of inertial and kinematic load, it is improbable for the pile supported P44 to fail due 
to bending.  
4.6.5.2 Calculation for Shear Failure: 
As the plugged cylindrical concrete large diameter piles are quite rigid and its lateral stiffness due to its 
size and reinforcement is quite high, the shear failure for this pile foundation has been neglected for this 
study. 
4.6.5.3 Calculation for Settlement failure: 
The settlement for the support P44 has been calculated as per the data available in the literature. The 
settlement of the soil due to reconsolidation after liquefaction has been calculated based on the approach 
suggested by Ishihara and Yoshimine (1992). The factors of safety against liquefaction for different layers 
has already been mentioned in the previous section. Table 4-6 illustrates the settlement for each of these 
layers and hence the total settlement due to reconsolidation of soil.  
Further, the displacement due to the slip or mobilization of the side resistance and due to the axial 
compression of the pile has been evaluated with the help of FEM program SAP2000. Therefore, a 
simplified model of the pier P44 has been built in the software along with p-y, t-z and q-z springs with 
their spring values being calculated as per API (2007). Before the liquefaction, the values of the soil springs 
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are estimated based on the soil properties before earthquake, whereas after liquefaction the soil spring 
values are degraded as per recommendation given in Ashford et al. (2011) by multiplying the p-multiplier. 
The axial load is taken the same ignoring the dynamic effect on axial load. The settlement due to the slip 
and axial compression of the pile before the liquefaction was found to be around 0.03 m and it increased 
to 0.08 m after liquefaction. 
Therefore, by adding up the settlements due to these two factors, the total settlement for the P44 was 
found to be around 0.50 m. The settlement value obtained in this exercise is commensurate with the 
findings by  Vijayaruban et al. (2015). Hence, the P44 was expected to have undergone excessive 
settlement. It also corroborates the study done by Vijayaruban et al. (2015) and Yen et al. (2011). The 
picture of excessive settlement at one of the piers is given in Figure 4-11. 
 
Figure 4-11 Settlement of surrounding soil at one of the piers near the bank 
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4.6.5.4 Calculation of Buckling failure: 
It can be seen from the Figure 4-9(b) that there is a thick non-liquefied stratum in the depth range of 3-
11m from the ground surface. So, the buckling failure seems improbable. Moreover, it is quite well 
understood that the pile foundations are laterally rigid enough to avoid buckling failure.  
Table 4-6 Post Liquefaction settlement due to reconsolidation for the site of Juan Pablo II Bridge 
Depth 
(m) 
Thickness of 
layer (in m) 
(N1)60 FOS Volumetric  
Strain 
Settlement of each 
layer 
(in m) 
0-2 2 15 0.12 3 0.06 
2-12 10 25-55 2 0 0 
12-13 1 27 0.20 1.5 0.015 
13-14 1 11 0.07 3.6 0.036 
14-15 1 25 0.16 1.75 0.0175 
15-20 5 47 2 0 0 
20-21 1 35 0.61 1.1 0.011 
21-22 1 32 0.35 1.25 0.0125 
22-23 1 25 0.15 1.75 0.0175 
23-24 1 23 0.13 2 0.02 
24-26 2 20 0.10 2.25 0.0450 
26-27 1 15 0.08 2.8 0.028 
27-30 3 11 0.07 3.6 0.108 
30-31 1 18 0.10 2.5 0.025 
31-32 1 25 0.15 1.75 0.0175 
    Total Settlement 0.413 m 
FOS =Factor of safety against liquefaction 
(N1)60 = SPT value corrected for ER of 60% and an effective overburden stress of 1 atm. pressure  
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4.6.5.5 Calculation for Failure due to effects related to increase in natural period of the piers: 
The natural periods of pier no 1 (P1), pier no 44 (P44), pier no 45 (P45), and pier no 68(P68) have been 
determined in this section. Same depth of liquefaction of 3m was assumed for all the piers. The natural 
period of these piers for pre-liquefaction and post-liquefaction conditions are evaluated with the linear 
modal analysis in FEM program SAP2000. The pile foundation was modelled with the soil springs for both 
these extreme conditions. The peak acceleration for piers are estimated from expressions proposed in 
seismic code of Chile (Nch 433. of 96, 1996). These acceleration values are used to find out the peak 
displacements at the head of each of piers and are given in Table 4-7. 
Table 4-7 Change in the lateral displacement demand of the piers of the Juan Pablo II Bridge                        
Pier No Hwater 
(in m) 
L0-pre 
(in m) 
Tpre 
(in sec) 
Dpre 
(in m) 
L0-post 
(in m) 
Tpost 
(in sec) 
Dpost 
(in m) 
Tpost/ 
Tpre 
Dpost 
/Dpre 
 
1 0 13.20 1.00 0.0207 16.20 1.36 0.0221 1.36 1.0633 
44 2.65 14.00 1.09 0.0211 17.00 1.46 0.0224 1.34 1.0599 
45 2.65 14.00 1.09 0.0211 17.00 1.46 0.0224 1.34 1.0599 
68 0 13.30 1.01 0.0208 16.30 1.37 0.0221 1.36 1.0629 
The natural period of individual piers increases due to the liquefaction. As the diameter of the pile 
foundation was around 2.5m, it was stiff enough to limit the elongation of natural period due to 
liquefaction. The natural period of the P44, P45 becomes almost 1.5 seconds at full liquefaction, whereas 
before the liquefaction it was 1.1 seconds. Hence, the natural period of the middle piers increased just by 
34% due to liquefaction due to the inherent high stiffness of pile. The peak displacement also increased 
by almost 6%, to the peak displacement value of 2cm. So, it can be observed that the Juan Pablo II Bridge 
may not have suffered due to the effects related to the elongation of natural period of piers. 
These findings are commensurate with the findings of (Dammala et al., 2017), where it was found that 
the natural period of the caisson supported rigid pier foundation of Saraighat bridge  of India may increase 
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by a minimal 5-7%, in the event of liquefaction. On the contrary, the natural period of the pile supported 
piers of Showa bridge, increased by almost 100% due to liquefaction, in case of 1964 Niigata earthquake.  
4.6.5.6 Remarks about failure: 
 It can be noticed from the above analysis that the Juan Pablo II bridge may have suffered failure only due 
to excessive settlement due to the liquefaction in case of 2010 Chile earthquake.  
4.7 Case study of failure of Shengli Bridge during Tangshan Earthquake, China (1976): 
The Tangshan earthquake of Ms =7.8 occurred in Tangshan, Hebei Province on 28th July, 1976 at 3:43 a.m. 
(local time) (see Figure 4-12 (a)). It originated in the northeast of North China fault block (Zhang and 
Wenbo, 1980) with the  epicentre at 118.2°E, 39.4°N.  The depth of the hypocenter was determined to be 
between 12 and 16 km. Due to the shallow focal depth, the impact of the earthquake on the city was so 
intense that around 90 percent of residential dwellings were seriously damaged. This earthquake had 
caused a major economic loss to China; as by 1976, Tangshan had established itself as a major hub of coal 
and steel industry in the country’s economy.  Major transportation networks also got impaired. Major 
river bridges like Douhe River Bridge, Zhuacun Bridge, Hangu Bridge, Lutai Bridge got collapsed as a result 
of the earthquake. The area which got affected due to liquefaction was estimated to be around 25000 
km2 (Shengcong and Tatsuoka, 1984).  
The Shengli Bridge, also known as Victory Bridge was in the southeast corner of Tangshan City, crossing 
the Douhe River in an east-west direction. The Tangshan city, on the west side of the bridge has always 
been seismically active as it is situated near the Yenshan-Yinshan seismic belt (spreading in EW direction) 
and Hebei plain fracture zones. All the earthquakes in the past in this region have been attributed to the 
movement of these plates. There have been at least four major earthquakes of magnitude greater than 
Ms = 7.0 since 1966 in this region. These were Hsingtai earthquake on 22nd March, 1966 of Ms = 7.2; Bohai 
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earthquake on 13th July, 1969 of Ms = 7.4; Haicheng earthquake on 4th February, 1975 of Ms = 7.3; and 
Tangshan earthquake on 28th July, 1976 of Ms = 7.8 as shown in Figure 4-12 (b). The Shengli bridge site 
was located just around 2 kms from the tectonic fault zone, accordingly the Peak Ground 
Acceleration(PGA) at the ground surface for the site has been estimated as 0.56g in the Pacific Earthquake 
Engineering Research(PEER) report by (Moss et al., 2009). The bridge got completely collapsed due to this 
strong shaking (see Figure 4-13(a)).   
 
Figure 4-12 (a) Map of China; (b) Epicentres of the recent major earthquakes near around Tangshan in 
the inset 
4.7.1 Bridge and foundation configuration: 
The construction process of Shengli Bridge was completed in 1966. The bridge had a clear roadway width 
of 10 m with 1.50 m wide sidewalk on each side (Huixian et al., 2002). The superstructure of Shengli Bridge 
consisted of pre-cast reinforced concrete T-girders each of 10.80 m in length and was supported through 
asphalt felt bearings. The whole bridge was simply supported over five spans of 11 m each (see Figure 4-
13). The total weight of the superstructure for one span was 128 tons and the weight of each cap beam 
was around 25 tons (Huixian et al., 2002).   
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The bridge had tri-column piers with single-bent bored piles under each column.  The piers were of 6.5m 
high with non-prismatic sections, varying its diameter from 1.0 to 0.8 m. The foundation piles were of 1 
m in diameter and 18 m in length; found on a dense layer of clay loam and were connected to the pier 
without any pile cap (Shengcong and Tatsuoka, 1984). Hence, the different pier-pile systems of the bridge 
have been termed as ‘pile’ for the analysis in this study. The geometrical and material properties of the 
pile and pier of the bridge has been given in Table 4-8. The height of the abutment was around 8m (Haitao, 
Da and Dongsheng, 2017).  These abutments were constructed with the back-leaning solid walls with 
mortar rubble and had monolithic concrete shallow foundation. Abutments were founded on a loose layer 
of saturated medium to fine sands, which was liquefiable. 
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Figure 4-13 Collapse of Shengli Bridge: (a) Photograph of the collapse of the bridge (reprinted from 
(Huixian and Housner, 2002))); (b) Schematic diagram of collapsed Shengli Bridge after the 1976 
Tangshan earthquake (reconstructed from (Huixian et al., 2002)) 
4.7.2 Earthquake damage to the bridge: 
The Tangshan earthquake caused damages all around the Tangshan city and its nearby areas. An 
aftershock of Ms=7.1 on the same day had caused the collapse of Pile No 4(P4, see Figure 4-13), dropping 
its two adjacent spans. The main earthquake damage to the Shengli Bridge consisted of displaced 
abutments, reduced river width, tilted piers, dropped girders etc. The bridge experienced the earthquake 
of XI intensity, which resulted in liquefaction of ground near around the bridge. The lateral spreading of 
soil on both the banks resulted in shortening of spans. The east abutment and west abutment had moved 
by 1.13m and 2.45m respectively towards the center of the river (Huixian et al., 2002). Pile No1 to 3(P1 to 
P3) all tilted towards the center of river, whereas the pile P4 experienced lateral stress from the soil in the 
eastward direction but the superstructure was pushed in the westward direction due to the adjoining 
spans. Hence, this pile resulted in the complete collapse. The west abutment, close to pile P4, also got 
badly damaged.  
Table 4-8 Geometrical and material parameters used for the bridge 
Bridge  
Name 
Pier 
height 
(in m) 
Pile 
diameter 
(in m)  
Pile 
length 
(in m) 
Grade of 
concrete of 
pile (fck) 
(as per IS 456) 
(assumed) 
EI of pile  
(in 
kN.m2) 
Grade of steel 
reinforcement 
(fy) 
(assumed) 
 
Superstructure 
load on each 
pile 
(kN) 
Shengli 
Bridge 
6.5 1.0 18 M25 1.227 x 
106 
Fe415 510 
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4.7.3 Subsurface condition: 
The soil in the river bed was primarily Quaternary sedimentary deposits upto a total thickness of around 
100 m (Huixian et al., 2002)  The surface layer consisted of plastic clay loam of 3-6 m thick, underlain by 
layers of sand, clayey loam or clay of variable grain sizes and densities.  The soil stratification near piles 
P1, P2, P3,P4 has been given in Figure 4-14. 
                      
(a)                                                   (b)                                                         (c) 
Figure 4-14 Soil stratigraphy around the piers of Shengli Bridge (reconstructed from (Huixian et al., 
2002)):(a) Soil layers around pile P1 (see borehole B1 in Figure 4-13); (b) Soil layers around pile P2 and 
P3 (see borehole B2 in Figure 4-13); (c) Soil layers around pile P4 (see borehole B3 in Figure 4-13). 
The bulk unit weight of the black clay loam is assumed as 19.2 kN/m3 and that of fine sand is assumed as 
18 kN/m3. The top clay strata has a SPT ‘N’ value of 10 near the east embankment (Huixian et al., 2002). 
Hence, the small strain shear modulus (Gmax)of the soft clay has been assumed as 13 MPa as per 
recommendations of (FHWA, 1997). Further Gmax/cu for normally consolidated clay is assumed as 450 
following Weiler (1988) and thereon, undrained shear strength of the clay is taken as 28 kPa. The 
maximum height of water was just about 1m around mid-piers at the time of earthquake. 
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4.7.4 Evaluation of liquefaction triggering:  
It has been mentioned in the study by Haitao et al. (2017) that the sand strata lying below the top clay 
layers was liquefiable. Hence, it was further required to determine whether or not the top black clay 
stratum had undergone cyclic softening failure. The methodology prescribed by Idriss and Boulanger 
(2006) is therefore used for estimating the cyclic resistance ratio (CRR), cyclic stress ratio (CSR) and factor 
of safety (FoS) for the top layer and the detailed methodology has been mentioned in the Appendix 4-C 
for the brevity of the discussions in this section. The CSR and CRR have been found to be 0.53 and 1.07 
respectively for this clay layer and hence, this layer is regarded as non-liquefying soil stratum.  
4.7.5 Reasons of failure: 
The example of pile P4 has been taken to analyze its failure with respect to various failure modes in the 
liquefied soil. For the calculation of compressive strength, flexural capacity and other design parameter 
of concrete piles,  the reference has been made to the concrete grades prescribed in Indian code of 
practice (IS-456, 2000; SP-16, 1980). The geometrical and the material parameters of the pile are already 
given in Table 4-8.  
4.7.5.1 Calculations for Bending failure:  
The foundation pile experiences higher bending moment due to the kinematic load from lateral spreading 
of soil and inertial load from the superstructure as the liquefaction happens in the soil. Hence, it is vital 
that both the loads and the bending moment caused due to them should be reasonably estimated, duly 
combined if necessary and compared with the moment capacity of the pile.  
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A. Estimation of kinematic load: 
The force based limit equilibrium method prescribed by the national codes (JSCE (2000) and JRA (2002)) 
has been used for the estimation of kinematic load in the present work. In this methodology, the lateral 
horizontal stress acting on a pile at a certain depth, due to the lateral spreading of soil is equal to the 30% 
of its total overburden stress at that depth. In case of absence of soil parameters (e.g. cohesion, SPT ‘N’ 
value) in the literatures, instead of using p-y spring, the load due to lateral spreading has been directly 
applied on the pile. A pseudo-static limit equilibrium analysis has been carried out with the kinematic load 
being applied along the pile length of pile P4 up to the bottom surface of liquefiable strata in this analysis 
(see Figure 4-15).  
(a)     (b)  
Figure 4-15 Lateral spreading stress acting on the pile P4 
As discussed before, the fine sand near the pile P4 liquefies upto its bottom surface. Hence, the bending 
moment acting on the pile will be due to the combined action of lateral spreading of both the top clay 
crust layer and underlying liquefied fine sand layer. The critical bending moments are calculated for the 
pile about the point of fixity in the pile for both before the liquefaction and at full liquefaction condition. 
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The point of fixity for the pile is assumed to be located at a point 3.5d below the ground surface at point 
A’ before liquefaction and at full liquefaction, it shifts down to point C (3.5d below the liquefied-non-
liquefied soil interface) as shown in Figure 4-15 (a) (where d= diameter of the pile). The lateral stresses 
acting on the pile due to the lateral spreading soil strata are estimated and given in Table 4-9. The bending 
moment due to this kinematic load (Mk) acting on the pile has been estimated to be 2476 kNm and the 
detailed calculations have been given in the Appendix 4-D to maintain the brevity of the description. 
Table 4-9 Moment due to lateral spreading of soil for Shengli Bridge 
Layer Maximum lateral stress (kPa) (see 
Figure 4-13(b)) 
Bending Moment about point 
‘C’(kNm) 
Black Clay Loam  
0.3 × 19.2 × 2.7 = 15.55  
(at point ‘A’) 
 
 
0.5 × 15.55 × 2.7 × (
2.7
3
+ 8.4 +
3.5)  = 268  
 
 
Fine Sand  
15.55 + 0.3 × 18 × 8.4 ≈ 61  
(at point ‘B’) 
 
 
0.5 × 8.4 × (61 − 15.55) × 1 ×
(
8.4
3
+ 3.5) + 15.55 × 8.4 × 1 ×
(4.2 + 3.5)  = 2208  
  
Bending Moment 
(Mk) 
  
2476 
 
B. Estimation of inertial load: 
As discussed before, the flexible structures like pile supported bridges will have accelerations 
corresponding to its natural period, unlike rigid structures which may have similar accelerations as that of 
the soil (PGA). Hence, design spectrum method has been used for the estimation of peak acceleration 
corresponding to its natural period, and then it was multiplied with the superstructure tributary mass for 
that pile to get the inertial load.  
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The natural period of the pile P4 before liquefaction has been calculated with the help of equation 4.1 
and 4.3, following the procedure given in the earlier Section 4.4 of this chapter. The unsupported length 
of the pile P4 at full liquefaction can be estimated by adding the pier length of 6.5m, depth of zone of 
lateral spreading soil of 8.4m and the depth of fixity of 3.5m, which sumps up to be around 21.1 m (upto 
point C is Figure 4-15). The same has been delineated in Figure 4-16. The natural periods of pile P4 are 
estimated to be 1 second and 3 seconds for pre-liquefaction and at full liquefaction condition respectively.  
              
Figure 4-16 Illustration of a single pile (a) Pre-liquefaction Stage ;(b)Post-liquefaction stage; (c) Layout 
of the pile P4; 
Table 4-9 Analysis for the Shengli Bridge                        
Pier No Hair 
(in m) 
Hwater 
(in m) 
Hliq 
(in m) 
L0-pre 
(in m) 
Tpre 
(in sec) 
L0-post 
(in m) 
Tpost 
(in sec) 
P1 6 0 0 9 0.87 9 0.87 
P2 6.47 0.57 11 10.04 1.03 21.04 3.12 
P3 6.47 0.6 11 10.07 1.03 21.07 3.12 
P4 6.5 0.6 11 10.1 1.04 21.1 3.12 
(a) (b) (c) 
130 
 
 The PGA of rock outcrop near the bridge has been taken as 0.56g for Tangshan earthquake as per study 
by Moss et al. (2009) and the spectral acceleration is found to be 0.54g and 0.35g at pre-liquefaction and 
at full liquefaction respectively as per the response spectrum defined in seismic code in China ((GB50011, 
2010)). The superstructure load acting on each of the piles (Pu) is 51 ton. Hence, the inertial load acting 
before liquefaction (Hi-pre) and that of at full liquefaction (Hi-post) can be found out by using the 
corresponding spectral accelerations as shown below.  
 𝑯𝒊−𝒑𝒓𝒆 = (𝟎. 𝟓𝟒 × 𝟗. 𝟖 × 𝟓𝟏 ) 𝒌𝑵 ≈ 𝟐𝟕𝟎 𝒌𝑵      
𝑯𝒊−𝒑𝒐𝒔𝒕 = (𝟎. 𝟑𝟓 × 𝟗. 𝟖 × 𝟓𝟏 ) 𝒌𝑵 ≈ 𝟏𝟕𝟓 𝒌𝑵       
The inertial load is assumed to act at the pile head-pile cap joint (ground surface level) as the maximum 
superstructure load starts getting distributed to the soil at this level. As the point of fixity of a pile changes 
in the course of liquefaction, the bending moment due to inertial load is calculated for both extreme 
conditions with different lever arms and the critical value is taken for further analysis. The lever arm for 
the inertial load is estimated to be 3.5m before liquefaction, about point A’ (see Figure 4-15). Hence, the 
bending moment acting on the pile before liquefaction is (Mi-pre)= 270 x 3.5=945 kNm. Similarly, for the 
conditions prevailing at full liquefaction, the bending moment is taken about its corresponding point of 
fixity (at C) with a lever arm of 14.6 m(see Figure 4-15). Hence the moment acting on the pile due to the 
inertial load (Mi-post)= 175*14.6=2555 kNm. So, the bending moment due to the inertial load is taken to be 
2555 kNm for further analysis.  
C. Combined effect of kinematic and inertial load: 
The approach by Tokimatsu et al. (2005) has been used in this study to combine the effects of kinematic 
and inertial load, which can be stated as follows: 
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• If the natural period of the superstructure is less than that of the ground, the kinematic load tends to 
be in phase with the inertial load. Hence, the maximum moment in such case is the sum of the moment 
values for inertial and kinematic effects. 
• If the natural period of the superstructure is greater than that of the ground, the kinematic load tends 
to be out of phase with the inertial load. In such case, the maximum moment is the square root of the 
sum of the squares (SRSS) of the moments due to each effect. 
The shear velocities of each of the soil strata is required for estimating the natural period of the soil. The 
top black clay loam had a SPT value of 10 at a point close to the eastern abutment as per the field survey 
carried out after the earthquake and mentioned in the study by Huixian et al. (2002). The bottom dense 
clay loam had an SPT value of 73 near around one of the boreholes near the borehole B3 (see B3 in Figure 
4-13(b)) The shear velocity(Vs) of the top and the bottom clay loam strata can be found by the relationship 
given by Imai and Tonouchi (1982) as stated in equation 4-10. 
𝑽𝒔 = 𝟗𝟕 × 𝑵
𝟎.𝟑𝟏𝟒          Equation 4-9 
The shear wave velocity of the top and bottom clay layer has been estimated to be 200 m/s and 373 m/s 
respectively. The shear velocity for the liquefied fine sand layer has been assumed as 150 m/s from the 
engineering judgement as there is no SPT values mentioned for this layer in literature. It has been assumed 
so to represent the low shear velocity of liquefied soil.  
The natural period of the ground (Tg)can be estimated by the weighted average of the natural periods of 
the individual soil layers through the following equation. 
𝑻𝒈 =
𝟏
𝑯
∑
𝟒×𝒉𝒊
𝑽𝒔𝒊
𝒉𝒊 =
𝟏
𝟏𝟖
(
𝟒×𝟐.𝟕
𝟐𝟎𝟎
× 𝟐. 𝟕 +
𝟒×𝟖.𝟒
𝟏𝟓𝟎
× 𝟖. 𝟒 +
𝟒×𝟔.𝟗
𝟑𝟕𝟑
× 𝟔. 𝟗) = 𝟎. 𝟏𝟒𝟎 𝒔𝒆𝒄  Equation 4-10 
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where ‘hi’ is the depth of each separate soil layer;  ‘Vsi’ is the corresponding shear velocity of those layers 
and ‘H’ is the combined thickness of all soil layers. 
The natural period of the pile at full liquefaction (Tpost) has been estimated with the aid of equations 4-3 
and 4-4. For the concrete pile P4, the unsupported length of the pile at full liquefaction can be estimated 
by adding the pier length of 6.5m, depth of liquefaction of 11.1m and the depth of fixity of 3.5m, which 
sumps up to be around 21.1 m. The natural period of P4 at full liquefaction is found out to be 3.1 seconds. 
The corresponding required data is presented in Table 4-9. As the natural period of the ground is less than 
that of the superstructure, the peak bending moment demand due to the combined action of inertial load 
and kinematic load can be found out by taking SRSS of respective moment values.  
Hence, 𝑴𝒕𝒐𝒕𝒂𝒍 = √((𝟐𝟒𝟕𝟔)𝟐 + (𝟐𝟓𝟓𝟓)𝟐) = 𝟑𝟓𝟓𝟕. 𝟖𝟗 𝒌𝑵𝒎    Equation 4-11 
It is also of interest to note here that guidelines prescribed by Department of Transportation, California 
(Caltrans, 2011) also give a bending moment demand of 3753.5 kNm, when an appropriate combination 
was done for effects due to the inertial and kinematic load. It suggests that for a typical bridge bent case, 
the combination of 100% 𝑘𝑖𝑛𝑒𝑚𝑎𝑡𝑖𝑐 ± 50% 𝑖𝑛𝑒𝑟𝑡𝑖𝑎𝑙 should be done to analyse peak demands due to 
both these effects.   
D. Estimation of moment capacity of the piles: 
The capacity calculation of the pile is based on the Indian Codes of Practice for Plain and Reinforced 
Concrete (IS-456, 2000) and SP 16 (SP-16, 1980). Assuming cover of concrete to main reinforcement (d’) 
to be 60 mm, clear cover to depth ratio (d’/d) will be around 0.06. Twelve numbers of 19mm diameter 
rebars were used for the each pile (Huixian et al., 2002). Hence, the main reinforcement percentage for 
the column (Pt) is 3.4%. The plastic moment capacity (Mp) of pile P4 is found to be 5,525 kNm.  The detailed 
procedure for the estimation of plastic moment capacity of pile P4 is given in Appendix 4-A. Therefore, 
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the pile P4 would not have failed due to the bending failure as its ultimate moment capacity is higher than 
the seismic moment demand due to the combination of inertial and kinematic load. But it has been 
mentioned in the study by Huixian et al. (2002) that the main reinforcement was extending to only 1.2 m 
below the ground surface, which makes the pile susceptible to fail by bending in the view of high flexure 
demand near around the point of fixity due to seismic shaking. 
4.7.5.2 Calculation for Shear Failure: 
During the earthquake, the shear demand due to the seismic shaking sometimes exceeds the shear 
capacity of the pile and as a result, the shear failure happens. Hence, it is quite important the shear 
capacity of the pile be checked against the shear demand at the critical section and sufficient shear 
reinforcement be provided. The piles of the bridge had 8 mm bars as shear reinforcements.  The shear 
force exerted on the pile has been calculated at the critical section of pile cap-pile joint in this study. For 
the cross-section area at the pile head; near the pile cap, the shear force is equal to the inertial load as 
the kinematic load is null at this level. Hence, the seismic shear demand for each pile is taken to be 270 
kN.  The seismic shear capacity of the pile is found to be around 774 kN using the guidelines of Indian 
Code of Practice (IS-456, 2000). The detailed calculation for the estimation of the shear capacity has been 
given in Appendix 4-E for the brevity of the paper. Hence, the pile won’t fail because of shear failure as 
the shear capacity is much higher than the seismic shear force demand.  
4.7.5.3 Calculation for Settlement failure: 
As the soil around the pile gets liquefied, a substantial amount of side resistance of the pile gets 
eliminated. In such a case, the pile settles further to mobilize more skin friction and end bearing resistance 
to maintain the force equilibrium. This results in differential settlement in the structure. As the 
surrounding soil near the pile P4 did not liquefy up to the tip of the pile, the net settlement of pile 
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foundation under the action of axial load can be considered to be an arithmetic sum of two components:  
a) settlement due to the mobilization of the skin friction and end resistance and b) axial compression of 
the pile. In the present study, the soil surrounding the pile is represented by equivalent t-z soil spring and 
that beneath the pile tip is represented by equivalent q-z soil spring to estimate the settlement due to the 
first factor (see Figure 4-17(a)). The soil spring stiffness in the liquefied soil zone is usually obtained by 
multiplying the original force displacement curve of the non-liquefied soil by the coefficient called ‘p-
multiplier’ (Armstrong, Boulanger and Beaty, 2014; Ashford, Boulanger and Brandenberg, 2011), which 
can be obtained as a function of (N1)60CS for different soil layers as recommended by (Brandenberg et al., 
2005). As the (N1)60cs value for the liquefied soil layer is absent in the literature, the t-z springs in liquefied 
zone are ignored for the present study. The guidelines given by American Petroleum Institute (API, 2007) 
has been used for the estimation of t-z and q-z springs. The skin friction and end bearing capacity 
calculation has been given in Appendix 4-A.  The settlement of the pile P4 for the aforementioned two 
factors has been found out by modelling the pile-soil spring model in Finite Element Software (FEM) 
software package SAP2000 and the illustration of the same has been given in Figure 4-17(b).   
                          
(a)                                                     (b) 
Figure 4-17 (a) t-z and q-z springs for the piles, (b) t-z and q-z springs in SAP2000 attached to the pile.  
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The pile P4 is found to have settled by 3mm before liquefaction, whereas at full liquefaction condition, it 
settles by approximately 8 mm.  However, the abutments had shallow foundations with the bottom of the 
foundation lying only 40 cm lower than the ground level of the riverbed and were directly founded on 
layers of liquefiable sand layers (Huixian et al., 2002).  So, during the earthquake, this soil liquefied and 
resulted in differential settlement. It tilted both the abutments, which unseated the girders resting on pile 
P4.  
4.7.5.4 Calculation of Buckling failure: 
            
Figure 4-18 Estimation of effective length for consideration of buckling of pile. 
The design checks given in the the study by Bhattacharya et al. (2004) have been applied to the pile P4 to 
investigate its plausibility to fail by buckling. The axial load (Pu) acting on the pile P4 is considered to be 
510 kN. The unsupported length of the pile is found to be around 21.1 m at full liquefaction, which includes 
the portion of the pier-pile system outside the ground surface, depth of liquefaction of soil along with the 
depth of fixity. The thickness of the nonliquefiable clay crust is also included in the unsupported length of 
the pile in this study, for the sake of conservatism. The pile P4 is assumed to be free at the top end as 
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decks were simply supported on piles and the lower end is assumed to be fixed at the point of fixity in the 
bottom non-liquefiable clay strata. It has been shown with the aid of Figure 4-18. Hence, effective length 
of the pile (Leff)= 2 x 21.1 = 42.2 m. It is of interest to note here that the bridge had only one row of piles 
with a pier cap of around 50cm thickness, hence the pile head is assumed to be free at the top and the 
effective length is taken accordingly. The bridges having multiple row of piles can have varied boundary 
conditions and the effective length should be decided with due consideration of the same. The study by 
Bhattacharya and Madabhushi (2008) can be referred for further details. 
Criteria-I: 
Critical Load= 𝑃𝑐𝑟 =
𝜋2×𝐸𝐼
𝐿𝑒𝑓𝑓
2 =6865 kN        
So 
𝑃u
𝑃𝑐𝑟
  =0.07 < 0.35 (Safe) 
Criteria-II: 
Radius of gyration =𝑟𝑚𝑖𝑛 = √
𝐼
𝐴
= √
𝜋×14
64
/
𝜋×12
4
= 0.25 
So, the slenderness ratio = 
𝐿𝑒𝑓𝑓
𝑟𝑚𝑖𝑛
=
42.2
0.25
= 168 > 50 (highly susceptible to fail by buckling)  
Hence, the pile P4 was susceptible to fail in buckling as well. A pile with such high slenderness ratio is 
classified as long slender column in structural engineering parlance and is designed accordingly. 
4.7.5.5 Calculation for Failure due to effects related to increase in natural period of the piers: 
The natural period of pile supported bridge piers of Shengli bridge elongate due to the advent of 
liquefaction in the surrounding soil.  In such a scenario, the unsupported length of the pile (L0-pre, L0-post), 
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natural period of piers before and after liquefaction (Tpre, Tpost), peak acceleration and displacement before 
and after liquefaction (Apre, Apost and Dpre, Dpost) as discussed in Section 3.3 of Chapter 3 are evaluated. 
These values are estimated and presented in Table 4-10. The natural periods of different piles have been 
determined and corresponding peak accelerations are estimated with the help of expressions proposed 
in the regional seismic code of China ((GB50011, 2010)).   
Table 4-10 Change in the lateral displacement demand of the piers of Shengli bridge due to liquefaction  
Pier 
No 
Hair 
(in m) 
Hwater 
(in 
m) 
Hliq 
(in 
m) 
L0-pre 
(in m) 
Tpre 
(in 
sec) 
Dpre 
(in 
m) 
L0-post 
(in m) 
Tpost 
(in sec) 
Dpost 
(in m) 
Tpost/
Tpre 
Dpost/
Dpre 
P1 6 0 0 9 0.87 0.05 9 0.87 0.05 1 1 
P2 6.47 0.57 11 10.04 1.03 0.06 21.04 3.12 0.19 3.03 3.39 
P3 6.47 0.6 11 10.07 1.03 0.06 21.07 3.12 0.19 3.03 3.38 
P4 6.5 0.6 11 10.1 1.04 0.06 21.1 3.12 0.19 3.03 3.38 
It can be noticed that the natural period of the P4 becomes almost 3.1 seconds at full liquefaction, 
whereas before the liquefaction it was only 1 second as the unsupported length of the pile increases as 
the liquefaction happens. As the resulting increased natural period of the pier falls in the displacement 
sensitive zone of the response spectra, the lateral displacement of the pile top increases manifold. The 
peak displacement prior to liquefaction (Dpre) for the different piles ranges from 0.06m to 0.08m, which 
increases as the liquefaction sets in. The peak displacement at full liquefaction (Dpost) for pile P4 increases 
up to a value of 0.19m, almost 3 times that of its value before liquefaction.  
4.7.5.6 Remarks about failure: 
It can be observed that at the event of liquefaction, Shengli Bridge was not susceptible to failure 
individually due to bending and shear failure; had the pile been reinforced throughout its length. The main 
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reinforcement extended to just 1.2m below the ground surface, which makes the section of the pile below 
this level to be vulnerable to fail due to higher bending moment and shear demand due to inertial load 
from the superstructure and kinematic load from the laterally spreading soil.  Moreover, the pile was also 
susceptible to buckling instability and settlement as well as due to the effects related to the elongation of 
the natural period of the piers. The real reason of failure may be a nonlinear combination of these failure 
modes. 
4.8 Case study of failure of Panshan Bridge during Haicheng Earthquake, China (1975): 
The Haicheng earthquake of Ms=7.3 occurred at around 7.36 pm (local time ) on 4th February, 1975 in the 
north-east China with a hypocentre depth of around 12 km. The earthquake originated due to strike slip 
fault near Haicheng town in the southern Liaoning province (Adams, 1976). The location of the epicentre 
is already highlighted in Figure 4-12. The maximum ground acceleration at liquefied sites was estimated 
to be 100 gals (1m/sec2) or more (Shengcong and Tatsuoka, 1984). The intensity in the epi-central area 
was considered to be as large as ninth grade. Although the size of earthquake and the population affected 
by it was very high, the casualties were less due to the successful prediction of this earthquake by the 
Chinese scientists and engineers. In fact, this was supposed to be the first time in the world that an 
earthquake has been predicted with reasonable certainty (Adams, 1976). Extensive sand boils or sand 
volcanoes due to soil liquefaction were observed in many parts of Haicheng (Shengcong and Tatsuoka, 
1984). The area which got affected due to liquefaction was estimated to be around 4200 km2. Many 
bridges, buildings, embankments, transportation networks were seriously damaged due to soil 
liquefaction. 
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4.8.1 Bridge and foundation configuration: 
Panshan Bridge, a reinforced concrete bridge was located at around 80km from the epicentre and was 
built recently before the earthquake, in 1971 (Chen and Duan, 2003). The overall length of the bridge was 
315.64m and the length of each span was around 22.2m with a width of 7m. Each span of the bridge was 
supported on circular piers, which were in turn supported by four piles of diameter 0.9m. The length of 
the pier and pile was around 7 and 30m respectively. The abutments were found on 22m long concrete 
piles of 0.8m diameter.  
 It was quite difficult to predict the superstructure load on the piles as there was no information about 
them in literature. The present literature are also silent about soil SPT ‘N’ values, soil shear strength 
around the piers. But by looking at the similarity of substructure and the soil strata distribution between 
this bridge and the Hangu Bridge of Tianjin city as mentioned in Huixian et al. (2002), the superstructure 
load acting from each of the span was taken around 170 ton with 4 piled bents beneath each support 
(Mohanty and Bhattacharya, 2018).  
      
(a)                                                                                 (b) 
Figure 4-19 Panshan Bridge; (a) Schematic diagram of the bridge (b) Soil Stratigraphy near P3 (derived 
from the study (Shengcong and Tatsuoka, 1984) 
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4.8.2 Earthquake damage to the bridge: 
All piers on Panshan side had cracks and most of them got inclined due to the main shock on 4th February 
1975. The Pile No.7(P7) (see Figure 4-19 (a)) was believed to have sunk down by about 15cm with its 
adjacent spans having tumbled down. Numerous ground fissures parallel to the river bank were found 
adjacent to the abutments. The deck between piles P11 and P12 was unseated from its position on P11 
due to the earthquake. The abutment of Panshan side did not move, which proves there was not much 
lateral spreading. 
Table 4-11 Geometrical and material parameters used for the bridge 
Bridge  
Name 
Pier 
height 
(in m) 
Pile 
diameter 
(in m)  
Pile 
length 
(in m) 
Grade of 
concrete of 
pile (fck) 
(as per IS 
456) 
(assumed) 
EI of 
pile  
(in 
kN.m2) 
Grade of steel 
reinforcement 
(fy) 
(assumed) 
 
Superstructure 
load on each 
pile 
(kN) 
Panshan 
Bridge 
6 0.9 30 M25 8.05 x 
105 
Fe415 425 
4.8.3 Subsurface condition: 
The regions of severe liquefaction were mainly plains made up of floodings from the Liao and Shuang Tai 
Zi river. The soil around the bridge site was highly stratified with clay, fine sand and silty soil as shown in 
Figure 4-19(b) near the pile P3 as adapted from Shengcong and Tatsuoka (1984). The river cross section 
near the Panshan Bridge can be seen in Figure 4-19(a), where the water depth increases towards the 
centre of the river channel as there was depression in the mudline. The water depth is around 1m near 
the pile P1, whereas it increases to 8m near pile P7. Hence the soil strata near other piles has been 
ascertained according to the soil strata data given near pile P3  in the literature (see Figure 4-19(b)), 
depending upon the water depth at that particular pile. For example, there is a shallow layer of silty soil 
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of around 1.5m near the ground surface near pier P3, but for the pier no P7, this silty layer is not present 
as the water depth is more there as compared to other piers. So necessary modification has been done to 
ascertain the soil stratigraphy near pile P7 and shown in Figure 4-20. 
       
Figure 4-20 Variation of lateral stress acting on pile P7 due to the laterally spreading soil 
4.8.4 Evaluation of liquefaction triggering:  
The depth of liquefaction near the bridge was around 4m (Liu, Wang and Wong, 1991). So, it is assumed 
that the top silty soil as shown in Figure 4-19(b), would have liquefied along with the top portion of the 
clay, which would have suffered from cyclic softening due to liquefaction. The depth of water was around 
1-2 m near most of the piles. But for piles P6, P7, P8 and P9 the water depth is more. For the pile P7, the 
water depth is found to be around 8m, which would have made the clay layer at the mudline to undergo 
cyclic failure in case of the earthquake (assuming 4m of uniform depth of liquefaction). Hence, it is 
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reasonable to assume that the soil would have liquefied up to the bottom surface of the silt layer for pile 
P7 as shown in the Figure 4-19(b), as silty soil is easily liquefiable if it is present near the mudline (Mohanty 
and Bhattacharya, 2019a). The same is also corroborated by Shengcong and Tatsuoka (1984). The 
possibility of the fine sand below this layer being liquefied cannot be ruled out, though the depth of 
liquefaction is taken to be up to the bottom surface of the silt layer. The underneath fine sand layer is 
assumed to be non-liquefied for the present analysis as natural deposits at such greater depths are usually 
densified and hence, may not liquefy.  
4.8.5 Reasons of failure: 
The example of pile P7 has been taken to investigate its possibility to fail due to various failure modes in 
the event of liquefaction.  
4.8.5.1 Calculations for Bending failure:  
The foundation pile experiences higher bending moment due to the kinematic load from lateral spreading 
of soil and inertial load from the superstructure as the liquefaction happens in the soil. Hence, it is vital 
that both the loads and the bending moment due to them should be reasonably estimated, duly combined 
if necessary and compared with the moment capacity of the pile. The kinematic load and inertial load 
imposed on the pile P7 is estimated in the following section.  
A. Estimation of kinematic load: 
The force based limit equilibrium method prescribed by Japanese code of practice (JSCE, 2000; JRA, 2002) 
has been used for the estimation of the kinematic load in a similar way as mentioned in the previous 
example of Shengli Bridge. The force due to lateral spreading has been directly applied along the pile 
length up to the bottom surface of liquefiable soil (see Figure 4-20). In the absence of soil parameters of 
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the surrounding ground, this limit equilibrium analysis has been adopted, which requires significantly less 
input and can sometimes be determined directly from various engineering correlations.  
For the pile P7, the surrounding top clay along with underlying silt could have suffered from liquefaction. 
Therefore, the depth of liquefaction is taken to be around 11m (see Figure 4-18(b)). The bulk unit weight 
of the clay is assumed as 19.2 kN/m3 and that of fine sand and silt is assumed as 18 kN/m3. The lateral 
stress acting on the pile due to the lateral spreading of soil has been estimated and given in Table 4-12 
and the same has been delineated in the Figure 4-20. The bending moments are calculated about the 
point of fixity (point ‘C’ as shown in Figure 4-20), which is at a depth of 3m (3.5d) from the nonliquefied-
liquefied soil interface. The bending moment is estimated to be 4081 kNm and the detailed calculation is 
given in Table 4-12.  
Table 4-12 Moment due to lateral spreading of soil for Panshan Bridge 
Layer Maximum lateral stress (kPa) (see Figure 4-16) Bending Moment acting about point 
C (kNm) 
Clay  0.3 × 10 × 8 = 24 (𝑎𝑡 𝑝𝑜𝑖𝑛𝑡 ′𝐴′)  
 
0.3 × (8 × 10 + 5 × 19.2) =
52.8 (𝑎𝑡 𝑝𝑜𝑖𝑛𝑡 ′𝐷′)    
 
[0.5 × (52.8 − 24) × 5 × 0.9 × (
5
3
+
9)] + [24 × 5 × 0.9 × (9 + 2.5)] ≈
1933   
Silt  
52.8 + 0.3 × 18 × 6 × 0.9 = 85.2   
(at point ‘B’) 
  
[
1
2
× (85.2 − 52.8) × 6 × 0.9 ×
(3 +
6
3
)] + [52.8 × 6 × 0.9 × (3 +
3)] ≈ 2148  
  
Total Bending 
Moment 
 4081 
B. Estimation of inertial load: 
The inertial load is assumed to be acting at the pile head due to the superstructure with a dead load of 
425 kN. The point of fixity for pile P7 is assumed to be at a depth 3m (3.5d) from the ground surface (point 
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A’ in Figure 4-20) before liquefaction and at 3m below the soil interface (point C in Figure 4-20) at full 
liquefaction.  The spectral acceleration of pile P7 before liquefaction is assumed as 0.1g depending on its 
natural period by referring to (GB50011, 2010). The lever arm in case of pre-liquefaction condition is taken 
as 3m as can be seen in Figure 4-20. Hence, the bending moment acting on the pile due to inertial load 
before liquefaction (Mi) is found to be around 125 kNm (≈42.5 x 0.1 x 9.8 x3). However, there was not 
much bending moment due to kinematic loading in the pre liquefaction condition as there was no lateral 
spreading in this phase. But at full liquefaction, when the lateral spreading happens, the point of fixity 
might go down to a depth of around 14m below the ground level (point ‘C’ in Figure 4-20). As the effect 
of the inertial load is predominant only in the top 10-15d (upto 13.5m) from the ground surface at full 
liquefaction, the effect of inertial load for the estimation of seismic bending moment demand has been 
neglected for this bridge. 
C. Estimation of moment capacity of the piles: 
The capacity calculation of the pile is based on the Indian Codes of Practice (SP-16, 1980; IS-456, 2000). 
The factored moment capacity of the pile section (Mu) is estimated to be 874.8 kNm. The plastic moment 
capacity of the pile section (Mp= 1.7 * Mu ) is calculated to be 1488 kNm (shape factor=1.7 for circular 
flexural members). The detailed estimation has been given in Appendix 4-A. Therefore, it is expected that 
the pile P7 may have failed due to excessive bending as the plastic bending moment capacity is quite less 
than the exerted bending moment due to the laterally spreading soil. 
4.8.5.2 Calculation for Shear Failure: 
It is quite important the shear capacity of the pile be checked against the shear demand at the critical 
section. The shear force acting at the pile head has been estimated, which is same as the inertial load as 
the kinematic load is null at this level. Hence, the seismic shear demand for each pile before liquefaction 
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has been taken as 42.5 kN (≈42.5 x 0.1 x 9.8) at the pile cap level; when the superstructure tributary mass 
on each pile is 42.5 ton and the spectral acceleration is found to be 0.1g for the same. At full liquefaction, 
the seismic shear demand has been found to be 30kN at the pile cap level. On the other hand, the seismic 
shear capacity of the pile is found to be around 459 kN using the guidelines of Indian Code of Practice(IS-
456, 2000) following similar steps as given in the Appendix 4-B. Hence, the pile won’t fail because of shear 
failure in the light of information available in literature till the date, as the shear capacity of the pile is 
much higher than that of the shear force demand due to the inertial load. 
4.8.5.3 Calculation for Settlement failure: 
The settlement failure of a pile can be estimated by the methodology mentioned in the previous section 
dealing with settlement of piles of Shengli Bridge. SPT ‘N’ values of the soil around the bridge site are 
absent in the literature. Hence, reasonable assumptions regarding the soil stratification have been 
adopted for estimation of skin friction and end bearing resistance. The estimation of skin friction and end 
bearing resistance has been given in Appendix 4-A. The pile-soil spring model is modelled in FEM package 
SAP2000 along with its t-z and q-z springs. It is found that the pile settles by 2.1 mm before the 
liquefaction, whereas at full liquefaction it settles by only around 3.7mm. Hence, the pile P7 probably had 
not failed due to settlement failure due to high end bearing resistance.  
4.8.5.4 Calculation of Buckling failure: 
The susceptibility of the pile P7 for buckling failure has been analysed in this section. As the depth of 
liquefaction near pile P7 is around 11 m, the unsupported length of the pile is found to be around 29m at 
full liquefaction, which includes the portion outside the ground surface (15m, including the pier), depth 
of liquefaction of soil along with the depth of fixity of 3m. It can be comprehended by referring to Figure 
4-19. The dead load acting on the pile (Pu) is 425 kN. 
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Euler’s effective length of the pile=Leff =2x29= 58m (assuming fixed-free boundary condition) 
 
Criteria-I: 
Critical Load=𝑃𝑐𝑟 =
𝜋2×𝐸𝐼
𝐿𝑒𝑓𝑓
2 =2362 kN 
So P/Pcr=425/2362= 0.18<0.35 (Safe) 
Criteria-II: 
Radius of gyration =𝑟𝑚𝑖𝑛 = √
𝐼
𝐴
= √
𝜋×0.94
64
/
𝜋×0.92
4
= 0.225 
So slenderness ratio = 
𝐿𝑒𝑓𝑓
𝑟𝑚𝑖𝑛
=
58
0.225
= 257 > 50 (Highly susceptible to fail by buckling) 
Hence, the pile P7 was susceptible to fail in buckling as well. 
4.8.5.5 Calculation for Failure due to effects related to increase in natural period of the piers: 
The analytical estimation of natural period and their corresponding peak displacement at the pile head 
for different piles of Panshan Bridge have been carried out following the similar methodology mentioned 
in the previous section dealing with Shengli Bridge and the estimated values are mentioned in Table 4-13. 
The natural periods of different piles have been determined and corresponding peak accelerations are 
estimated with the help of expressions proposed in the regional seismic code of China ((GB50011, 2010)).   
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Table 4-13 Change in the lateral displacement demand of the piers of the Panshan Bridge                        
Pier 
No 
Hair 
(in m) 
Hwater 
(in m) 
Hliq 
(in m) 
L0-pre 
(in 
m) 
L0-post 
(in 
m) 
Tpre 
(in 
sec) 
Tpost 
(in 
sec) 
Tpost/ 
Tpre 
Dpre 
(in m) 
Dpost 
(in m) 
Dpost/ 
Dpre 
P1 7 1 2 12.5 13.6 1.30 1.48 1.13 0.07 0.08 1.15 
P2 6 2 2 12.5 13.6 1.30 1.48 1.13 0.07 0.08 1.15 
P3 6 2 3 12.5 14.6 1.30 1.64 1.26 0.07 0.09 1.29 
P4 5 2 3 11.5 13.6 1.15 1.48 1.29 0.06 0.08 1.32 
P5 5 2 3 11.5 13.6 1.15 1.48 1.29 0.06 0.08 1.32 
P6 4.11 2.89 3 11.5 13.6 1.15 1.48 1.29 0.06 0.08 1.32 
P7 7 8 11 19.5 29.6 2.54 4.74 1.9 0.15 0.36 2.44 
P8 4.5 3.31 3 12.3 14.4 1.27 1.61 1.27 0.06 0.08 1.32 
P9 4.73 2.27 3 11.5 13.6 1.15 1.48 1.29 0.06 0.08 1.32 
P10 5.25 1.75 3 11.5 13.6 1.15 1.48 1.29 0.06 0.08 1.32 
P11 5.35 1.65 2 11.5 12.6 1.15 1.32 1.15 0.06 0.07 1.16 
P12 5.87 1.13 2 11.5 12.6 1.15 1.32 1.15 0.06 0.07 1.16 
P13 6 0.31 1 10.8 10.9 1.05 1.06 1.01 0.05 0.06 1.01 
 
It can be observed that the natural period of the P7 becomes almost 4.7 seconds at full liquefaction, 
whereas before the liquefaction it was only 2.5 seconds. This resulting increased natural period of the pier 
falls in the displacement sensitive zone of the response spectra. So, the lateral displacement of the pile 
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top may increase manifold. Similarly, the peak displacement at full liquefaction (Dpost) for pile P7 increases 
up to a value of 0.4m, almost 3 times that of its value before liquefaction.  
4.8.5.6 Remarks about failure: 
It can be observed that at the event of liquefaction, Panshan Bridge was susceptible to fail due to bending, 
buckling of piles as well as due to the effects related to the elongation of the natural period of the piers. 
The real reason of failure may be a nonlinear combination of these failure modes. 
4.9 Case study of failure of Miaoziping Bridge during Wenchuan Earthquake, China (2008): 
On 12th May, 2008 a big earthquake occurred in Wenchuan County, Sichuan Province of China. The 
magnitude of earthquake was reported as 8.0 Ms by CEA (China Earthquake Administration) and 7.9 Mw 
by USGS (US Geological Survey)(Kawashima et al., 2009). The earthquake's epicenter was located around 
80 km northwest of Chengdu City with a shallow focal depth of 19 km. The earthquake was so intense that 
the tremors were also felt in distant places like Beijing and Shanghai as shown in Figure 4-21. The 
earthquake was initiated mainly because of the rupture of Longmen Shan fault as shown in Figure 4-22.  
The peak ground acceleration (PGA) was found to be 0.65 g (FHWA-HRT-11-029, 2011). This region has 
always been quite seismically active as can be observed from the seismicity map shown in Figure 4-22 
derived from CENC webportal. There have been at least 107 incidents of earthquake tremors of Mw≥5.5 
near around Wenchuan till the date since 1970 (see Figure 4-23). The effect of this Wenchuan earthquake 
was so significant that it had damaged around 6140 bridges near around (Huang, 2008). It was considered 
to be one of the strongest earthquakes to occur and certainly the most costly natural disaster in the past 
100 years for China. The total losses to the transportation system due to the earthquake were over 67 
billion RMB (7.4 billion GBP), most of which consisted of damage to bridges(Han et al., 2009). As so many 
bridges got damaged during this earthquake event, the lifeline supplies and other rescue activities were 
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denied and delayed at most of the places, which increased the death and casualty count.  Therefore, it is 
quite vital to design the lifeline infrastructures like bridges efficiently so that it can be resilient in case of 
any disasters.  
This case study is described in a different manner as compared to others given in this chapter. As 
Miaoziping bridge sustained damages during the 2008 earthquake although it was built quite recently, an 
attempt has been done to investigate, if the codal provisions followed during the time of construction 
might have overlooked the failure mechanism due to elongation of natural period of piers. Hence, other 
failure mechanisms are not discussed in this case study.  
 
Figure 4-21 Location of epicentre of bigger earthquakes in China in the past 
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Figure 4-22 Location of bridges near the epicentre of 2008 Wenchuan earthquake (China Earthquake 
Administration, 2008) 
4.9.1 Bridge and foundation configuration: 
Miaoziping Bridge is located in Zipingpu Reservoir near Zipingpu dam in Wenchuan County. This bridge 
connects between Dujiangyan and Wenchuan, Xankou.  This bridge has 3 main spans which have 
prestressed continuous box girder frame, with lengths of 125m, 220m and 125m respectively along with 
19 approaching girder spans of simply supported category (Wang, Chen and Luo, 2004). 
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Figure 4-23 Epicentres of bigger earthquakes (Mw >5.5) in the past near Wenchuan (1970-2017) 
(reproduced from the map provided by CENC: China Earthquake Networks Centre) 
There are two approaching spans near to the Miaoziping tunnel as shown in Figure 4-24 towards the 
Dujiangyan side, thereafter 3 main spans are there and after that rest 17 approaching spans lead to 
Wenchuan side. The schematic diagram of the bridge has been shown in Figure 4-25 along with the fallen 
span being marked as red. The photograph of the fallen span is also given in Figure 4-26. The approaching 
spans are of 50m length each (see Figure 4-24). In the superstructure, there was a crash barrier of width 
around 0.5m, hard shoulder/kerb of 2.5m width, and 2 lanes of carriageway of 3.5m each for either side 
of the traffic lying on one side of the central reservation. The main spans have a continuous deck with 
single-cell concrete box girder with non-prismatic section. The approaching spans had 10 precast T-beams 
as girders (see Figure 4-27). The piers of the main spans had hollow concrete section while solid sections 
were adopted for various approaching spans. All the spans were supported by piers of nearly 100m height. 
The length of the piers and piles and their dimensions at each support has been given in Table 4-14. The 
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main spans had 4 x 4 pile groups with piles of 2.5m diameter each as shown in Figure 4-27. The 
approaching spans had 2 x 2 pile groups of same pile diameter below each support. The pile length was 
varying across different piers as mentioned in Table 4-14(Li et al., 2008).  
  
Figure 4-24 Arrangement of spans of Miaoziping bridge (the ‘fallen’ span during 2008 Wenchuan 
earthquake marked in broken circle) 
 
Figure 4-25 Schematic diagram of Miaoziping Bridge (adapted from(Yen et al., 2009)) 
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 Figure 4-26 Unseating of span no 4 of Miaoziping bridge (reproduced from (Kawashima et al., 2009)) 
It is of interest to note here that the girders were simply supported on the bents for the dead load, 
whereas the deck was continuous for live load as can be seen from Figure 4-25. The girder for the span 
number #4 was the shortest span among all other spans and was simply supported by resting on the piers 
P9 and P10. This girder got unseated during the earthquake. This bridge was nearly completed in 
construction when earthquake happened. 
 
(a)                                                              (b) 
Figure 4-27 Schematic diagram of cross section of girders of the main and approaching spans (Yen et al., 
2009); (a) Girder for main spans; (b) Girders for approaching spans. 
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Figure 4-28 Dimension of substructure of main spans of Miaoziping Bridge (adapted from (Li et al., 2008) 
4.9.2 Earthquake damage to the bridge: 
It has been found that this bridge was damaged in its superstructure and substructure, including the span 
no 4 falling into the river. The cracks, deflection of piers, damage on the bearing were also observed. It is 
reported that the horizontal displacement of all the approach spans were more than 10cm towards 
Dujiangyan; some of the spans also had around 42cm lateral displacement (Hu, Ji and Li, 2008). It was 
reported that the distance between two adjacent piers which supported the fallen span (span no 4) was 
extended by about 0.69 m at the top(Kawashima et al., 2009), which suggest that during the earthquake 
the relative displacement between these two piers could have been more. In addition, all the pier caps 
were seriously damaged in the earthquake and the concrete cover and the reinforced bars were exposed 
(Hu, Ji and Li, 2008). 
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Table 4-14 Pier and pile details of Miaoziping bridge (derived from Li et al. (2008)) 
Pier No 
Pier height (in 
m) 
Pile height 
(in m) 
Transverse width at 
bottom of the pier 
(in m) 
Longitudinal width at 
bottom of the pier 
(in m) 
2 31.2 15.0 3.1 3.3 
3 67.5 14.0 4.5 6.4 
4 102.5 62.3 13.0 12.0 
5 99.5 47.2 13.0 12.0 
6 85.4 44.0 4.5 6.9 
7 86.7 35.5 4.2 4.8 
8 88.2 39.4 4.3 4.9 
9 84.6 28.4 4.2 4.8 
10 82.2 29.2 4.1 4.7 
11 84.7 28.7 4.2 4.8 
12 79.4 18.8 4.1 4.6 
13 70.0 41.1 3.9 4.4 
14 64.4 34.1 3.8 4.2 
15 54.6 28.3 3.6 4.0 
16 48.4 51.4 3.5 3.8 
17 43.6 25.2 3.4 3.7 
18 48.9 17.7 3.5 3.8 
19 51.9 51.1 3.5 3.9 
20 30.8 38.6 3.1 3.3 
21 18.8 35.0 2.9 3.0 
22 12.3 19.9 2.7 2.8 
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4.9.3 Subsurface condition: 
The soil at the Miaoziping bridge site basically consists of sandy gravel and sand. The soil near the Pier P4 
was comprised of several layers; i.e. from the ground surface 0-2.95m: gravel layer, 2.95-5.3m: gravel with 
sand, 5.3-6.8m: gravel (Li et al., 2008). The maximum depth of the gravel layer was around 10.8m.  Beyond 
this layer there was hard rock, typically containing sandstone and mudstone. For Pier P5, the top 1m of 
soil was clay, the rest up to the depth of 15.6m was being the mixture of sand and gravel. 
4.9.4 Evaluation of liquefaction triggering:  
It is of interest to note here that the study carried out by Hou et al. (2011) established that the gravel 
layers had liquefied in Wenchuan earthquake, which was quite unique. All the evidences of liquefaction 
at the site was mostly visual, where the authors provided evidences of sand ejacta, crater like structures 
on the ground along with settlement and cracking of the ground. Further, some of the nearby stations 
recorded motion as high as 0.65 g for PGA in the Wenchuan earthquake, which must have made the small 
gravels lose its effective stress and liquefy. Therefore, the depth of liquefaction for this bridge site was 
taken as the average depth of gravel layer found near the site. The depth of liquefaction was taken to be 
around 10m (see Section 4.9.3). In the absence of detailed SPT and CPT values of the soil at site, a 
deterministic procedure, e.g. approach given in Idriss and Boulanger (2006) could not be adopted for the 
evaluation of liquefaction susceptibility. Further, it is interesting to note that the standard methods for 
assessment of liquefaction susceptibility, e.g. Idriss and Boulanger (2006) cannot be applied for gravelly 
soils as those methodologies are based upon the field and laboratory tests on sands, silty sands and clays. 
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4.9.5 Estimation of natural period and lateral displacement of the piers before and after the 
liquefaction: 
The estimation of natural period of the pier no P10 in Figure 4-24 was carried out by modelling the pile-
pier system in the FEM software SAP2000 in a simplified way as SPT/CPT data are unavailable near the 
bridge site in all the literatures.  Moreover, piers of the bridge had pile group as their foundation, unlike 
other bridges. Hence, it was quite essential to inculcate the higher lateral stiffness of the pile group for 
the estimation of natural period of the piers. It was deemed accurate to inculcate such effect by modelling 
those pile groups in a FEM program, rather than approximating the stiffness in the proposed simplified 
methodology given in the thesis. Further. the bridge had tie members attached to both the columns of 
the bent. It was deemed accurate to model it in a FE program, rather than approximating it in a simplified 
methodology.  This procedure also facilitates a quick and easy to follow methodology to estimate the 
natural period and residual displacement of a pile-pier system in the absence of available soil data.  
The piles and the piers of pier P10 are modelled as frame elements. The length of the pier is taken as 82m. 
The grade of concrete used for the bridge is C40 for the piers and C30 for the piles as the per the 
literature(Huang et al., 2011).  In the pre-liquefaction stage, the depth of fixity is calculated as per the 
study by Bhattacharya and Goda (2013) and the fixed boundary condition is applied at the point of fixity.  
In case of post-liquefaction stage, the depth of fixity along with the depth of liquefaction is summed up 
and the fixed boundary condition is applied at the point of fixity in liquefied condition. The pile cap has 
been modelled as a solid element as it is quite evident from the thickness of the pile cap, which is shown 
schematically in Figure 4-29. The fixity of the pile is defined at around 7.5m (3d, d=diameter of the pile)  
below the ground surface for the pier-pile system before the liquefaction. The fixity is increased by the 
depth of liquefaction for the case of full liquefaction and is defined at around 17.5m for the post 
liquefaction condition. The natural period of vibration and the peak lateral displacement in the 
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longitudinal direction for both these extreme conditions are calculated and compared, as the ground 
motion was mainly along the longitudinal direction of the bridge as per the study by Dongsheng et al., 
(2008).    
The dead load acting from the superstructure was not explicitly mentioned in the literature. Hence, the 
superstructure approach mentioned earlier in the Section 4.4 of this chapter has been used to estimate 
the dead load acting on various piers of the bridge. The dead load acting at the top of pier P10 of the 
bridge is calculated in Table 4-15, in accordance with the girder and deck data as mentioned in the 
literature. Some of the section properties has been assumed reasonably as those were absent in the 
literature.  
Table 4-15 Dead load calculation for Miaoziping Bridge 
Superstructure items Item Details Load (in kN) 
Slab and asphalt top 
(Assuming 200mm slab thickness and 50 mm asphalt 
thickness)  
=24.8m*50m*0.25m*24
kN/m3 
7350 
Crash barrier  
Assuming crash barriers of size 1.5m height and 0.5m 
wide 
=2*1.5m*0.5m*50m*24
kN/m3 
1800 
Kerb(2.5m wide kerb on each side) =2*2.5m*0.15m*50m* 
24 kN/m3 
900 
10 concrete T beam girders (Assuming height of 2m and 
thickness of web as 0.5m)  
= 10*2m*50m*0.5m*24 
kN/m3 
12000 
Total  22050 
 
The estimated dead load acting on the top of the pier as per Table 4-15 is applied at 10 equidistant points 
on the top of tie beam connecting both the piers (of  Figure 4-29)  (as there were 10 girders for the bridge). 
The natural period of the pier has been estimated by carrying out the linear modal analysis. The natural 
period and the lateral displacement are monitored for the both extreme condition. The peak acceleration 
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for piers are estimated from expressions proposed (GB50011, 2010). In fact, the Table 4-16 compares the 
actual design values used, corresponding to the code of practice followed during 2008, to the updated 
design values corresponding to the updated design code published in 2010 (GB50011, 2010).  
 
                                                           
(a) Before liquefaction                       (b) After liquefaction 
Figure 4-29 SAP2000 Line Model of Miaoziping Bridge substructure (a) before liquefaction; (b) after 
liquefaction. 
Table 4-16 Comparison of the natural period and displacement demand for the pier P10 
Preliquefaction Scenario (Original design 
criteria) 
Post liquefaction scenario (as per the latest 
seismic code (GB50011, 2010a) 
Zone PGA αmax Zone PGA αmax 
7 0.1g 0.12 9 0.4g 1.4(for rare 
earthquake) 
Tpre= 3.6 seconds Tpost= 4.0 seconds 
Dpre =0.12 m Dpost = 1.5 m 
 
Enhanced unsupported length of pile at 
full liquefaction (Not to scale) 
Pile cap 
Pier cap 
Pier 
Tie beams 
Pile  
Pile fixity  
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From the literatures, it could be obtained that the bridge was designed for a location with intensity 7 with 
a maximum design horizontal seismic coefficient of 0.12g as per the then code of practice. But in the latest 
code revision after 2010 (in the wake of 2008 Wenchuan earthquake), the intensity of the site has been 
upgraded to 9 (Han et al., 2009). In addition, as the Wenchuan earthquake was one of the greatest 
earthquake events, the PGA has been taken as 0.4g with maximum design horizontal seismic coefficient ( 
αmax) being taken to be 1.4(rare earthquake event).  It has been listed in the Table 4-16. 
4.9.6 Results and discussion: 
The natural period of individual piers increases due to the liquefaction. It  can be observed that the span 
no #4, which rested on pier P10 and P9, was the shortest girder which was resting as just a single span. 
Other girders were spanning multiple spans, although they were simply supported.  
It can be seen from Table 4-16 that the liquefaction in the soil increased the natural period of the pier P10 
from 3.6s to 4.0s. The increase in natural period was quite marginal because of the large dimension of the 
piers and the piles, which provides higher lateral stiffness to the system. Although the increase in the 
natural period is quite less, the natural period of 4 sec puts the bridge in the displacement sensitive zone 
of the response spectrum. Moreover, due to the enhanced flexibility, owing to the tall piers, slight tilting 
of the pier base resulted in huge tilting of the superstructure; almost off their support at several locations. 
It is of importance to mention here that during post-earthquake reconnaissance, it was observed that the 
crash barrier position after the earthquake showed the evidence of longitudinal movement of the order 
of 250 mm, for some of the spans. 
The main reason for the seismic damage was the amplification of the displacement response due to the 
flexibility of high piers. It can be observed in the SAP2000 model that at full liquefaction although the base 
of the pier got displaced just by 6 cm, the top of the pier had a lateral displacement of around 1.5m. This 
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value is quite close to the proposed peak relative displacement value proposed by Kawashima et al. 
(2009). It may have contributed to the unseating of the girder and deck. Due to the assumptions used in 
the analysis and considering the fact that liquefied soil may offer some resistance, the actual pier-head 
displacement may be less. 
It has been mentioned in the literatures that the unseating prevention devices were not provided because 
they were not required in bridges located in regions of seismic intensity 7, according to the code prevalent 
in 2007-2008. If unseating prevention devices would have been installed at this span, collapse could have 
possibly been prevented(Kawashima et al., 2009). 
 
4.10 Case study of failure of Gaoyuan Bridge during Wenchuan Earthquake, China (2008): 
This case study is described in the similar manner as that of the description of Miaoziping bridge, which 
sustained damages during the 2008 earthquake. The failure of the bridge pier due to the effects related 
to the elongation of natural period of piers is only investigated in this section, to highlight the significance 
of this failure mechanism for flexible concrete piles. Hence, other failure mechanisms are not discussed 
in this case study.  
4.10.1 Bridge and foundation configuration: 
The construction of Gaoyuan Bridge was completed in May 2005. This bridge was just 59.7 kilometer away 
from the epicenter and thus massive damage was observed for this bridge. According to the new 
seismicity map of China, the bridge was situated in the Intensity 9 area. It was a simply supported bridge 
with 4 equal spans, each being of 23.45m length. The clear width of the deck was around 8m.  It had pre-
stressed hollow-slab girders of 1.1m thickness (Zhao and Ding, 2012a). The simply supported span of the 
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bridge was supported by double bent column with one strut in between them. The pier had a height of 
around 13m with a diameter of 1.5m. This dual pier is in turn supported by two piles of around 17m length 
of 1.8m diameter (Xie et al., 2009). The dimension of the superstructure has been taken from the study 
carried out by the researcher (Xie et al., 2009).  
(a)  
(b)  
Figure 4-30 (a) Photograph of damaged Gaoyuan Bridge; (b) Schematic diagram of Gaoyuan bridge 
before and after the earthquake (adapted from (Xie et al., 2009)) 
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Figure 4-31 Various pictures of collapse of the span of Gaoyuan Bridge 
4.10.2 Earthquake damage to the bridge: 
Due to the 2008 Wenchuan earthquake, the PGA at a nearby site of the bridge Mianzhu Qingping was 
found to be around 0.75g as per the study by Zhao and Ding (2012) . One of the spans of the bridge totally 
collapsed and fell in to the river (see Figure 4- 30). Besides the fallen spans, there were a huge number of 
cracks observed on piers and there were evidences of concrete crashing on abutments. The overall clear 
length of the bridge had reduced by 1.78m after the earthquake. As the overall superstructure length was 
reduced, the superstructure had pushed the abutments. Out of these two abutments, abutment ‘A1’ on 
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the left bank had a very strong backfill while abutment ‘A2’ on the right bank had a relatively soft backfill 
(see Figure 4-30(b)). Thus, entire bridge tilted to right side (Xie et al., 2009). The third span, resting on 
piles P2 and P3 had totally collapsed(see Figure 4-31). The piled support P3 had tilted and formed crack 
at the pile cap level. 
4.10.3 Subsurface condition: 
There is no site related field test after the earthquake as the site got completely damaged due to its effect. 
Thus, the SPT data for the site remains unknown. The site was mainly composed of sandy gravel layer 
overlying the shale layer. The depth of gravel varied along the bridge. As shown in the Figure 4-30 (b), for 
the piled support P3, the first 9.2m of soil was mainly composed of gravel, below which the supporting 
shale layer was present.  
4.10.4 Evaluation of liquefaction triggering:  
The study by Hou et al. (2011) suggests that the top gravel layer at the bridge site (see Figure 4-30(b)) had 
liquefied during the 2008 Wenchuan earthquake. Thus, only this layer is assumed to have liquefied during 
the earthquake for this study.  All the evidences of liquefaction at the site was mostly visual, where the 
authors provided evidences of crater like structures on the ground along with settlement and cracking of 
the ground. 
4.10.5 Estimation of natural period and lateral displacement of the piers before and after the 
liquefaction: 
The estimation of natural period of pile P3 was carried out by modelling it in the FEM software SAP2000 
in a simplified way without any soil spring as SPT/CPT data are unavailable near the bridge site in all the 
literatures. Further. the bridge had tie members attached to both the columns of the bent. It was deemed 
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accurate to model it in a FE program, rather than approximating it in a simplified methodology.  This 
procedure also facilitates a quick and easy to follow methodology to estimate the natural period and 
residual displacement of a pile-pier system in the absence of available soil data.  
The liquefaction depth is taken as 9.2m for the piled bridge support P3. In the simplified modelling, the 
pier along with the pile cap and piles has been modelled. The fixity is defined at around 5m (3d, 
d=diameter of the pile)  from the ground surface for the pier-pile system before the liquefaction following 
the study by Bhattacharya and Goda (2013)(see Figure 4-32).  Therefore, the bridge pier along with pile is 
modelled up to this point and the pile is fixed at the point of fixity as calculated above. The fixity is 
increased by the depth of liquefaction for the case of full liquefaction. At full liquefaction, the unsupported 
length of the pile is increased to 14.5 m as the depth of liquefaction is around 9.2m for this case (see 
Figure 4-32). 
The natural period of the pile-pier system has been estimated by carrying out the linear modal analysis.  
The natural period and the peak lateral displacement are evaluated for the both extreme conditions. The 
peak acceleration for piers are estimated from expressions proposed in GB50011 (2010).   
The dead load acting on the top of the pier has been estimated as shown in Table 4-17 following the 
superstructure load approach, as mentioned in Section 4.4 of this chapter. As the bridge had hollow deck 
slabs, the dead load of a solid slab of same dimension as that of the bridge was calculated first. It is found 
in most of the literatures regarding hollo deck slabs that the self-weight of a hollow core unit is about half 
of that of a solid section of the same dimension. So once the dead load has been calculated for the solid 
section, the same is halved for the hollow core slab of the bridge as mentioned in Table 4-17. The dead 
load thus calculated is imposed at two extreme nodes of the top beam connecting both the piers. 
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Table 4-17 Estimation of dead load on each bridge support for Gaoyuan bridge, China 
Superstruture items Item Details Load(in kN) 
Slab and asphalt top 
(Assuming 200mm slab thickness and 50 mm 
asphalt thickness)  
=23.45m*8m*0.25m*24
kN/m3 
1125 
Crash barrier  
Assuming crash barriers of size 1.5m height and 
0.1m wide 
=2*1.5m*0.1m*23.45m
*24kN/m3 
168 
Kerb(Assuming 1m wide kerb of 0.15m height on 
each side) 
=2m*0.15m*23.45m* 
24 kN/m3 
168 
Hollow slab girder of 1.1m thickness (50% of the 
solid slab girder) 
=0.5*8*23.45m*1.1m*2
4 kN/m3 
2476 
Total  3938 
                                                  
(a) Before liquefaction                                               (b) After liquefaction 
Figure 4-32 SAP2000 Line Model of Gaoyuan Bridge substructure (a) before liquefaction; (b) after 
liquefaction. 
 
Pier cap 
Pier  
Tie beam 
Pile cap 
Pile  
Point of fixity 
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Table 4-18 Comparison of the natural period and displacement demand for the pier P3 
Preliquefaction Scenario (Original design 
criteria) 
Post liquefaction scenario 
Zone PGA αmax Zone PGA αmax 
7 0.1g 0.12 9 0.4g 1.4(for rare 
earthquake) 
Tpre= 1.1 seconds Tpost= 2.25 seconds 
Dpre =0.0173 m Dpost = 0.44 m 
4.10.6 Results and discussion: 
It is interesting to note that the gravels layer liquefied in 2008 Wenchuan earthquake, which increased 
the natural period of the piles founded on these kinds of soil. For pile P3, the natural period increased 
almost by two times from 1.1 seconds to 2.23 seconds as shown in Table 4-18.   As a result, the resultant 
lateral peak displacement also increased. The estimated natural period of the Gaoyuan Bridge before 
liquefaction as mentioned in Table 4-18, was found to be commensurate with the findings of (Han et al., 
2009). 
Secondly, similar to the Miaoziping Bridge, Gaoyuan bridge was initially designed considering the site as 
intensity 7 according to the prevalent seismic code of practice during its construction. But after the 
earthquake, the site was upgraded to intensity 9 area(Han et al., 2009). Hence, a response spectrum 
analysis is carried out as per Chinese code of practice(GB50011, 2010) considering the site to be of 
Intensity 9(PGA =0.40g) as a rare earthquake event (αmax=1.4) for post-liquefaction scenario (as per the 
data available in GB50011 (2010).  It can be observed that the lateral displacement of P3 increases to 
0.44m from its pre-liquefaction value of 0.017m. Due to the assumptions used in the analysis and 
considering the fact that liquefied soil may offer some resistance, the actual pier-head displacement may 
be less. 
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4.11 Summary  
Liquefaction due to earthquakes has been a cause for major damages and collapses of many bridges across 
the world. As these bridge collapses continue to happen even in the recent major earthquakes, it can be 
possible that some failure criteria are still not considered adequately.  After every earthquake, our 
engineering evaluation procedures have largely been validated and been made more robust with the help 
of case histories of poor performance of bridges because we understandably desire to prevent collapse.  
The case studies of Rio-Viscaya bridge in 1991 Costa Rica earthquake, Juan Pablo II in 2010 Chile 
earthquake, Shengli bridge in 1976 Tangshan earthquake, Panshan bridge in 1975 Haicheng earthquake, 
Miaoziping and Gaoyuan bridge in 2008 Wenchuan earthquake have been presented in this chapter along 
with all the soil and structure data available in various literatures. A simplified methodology has been 
followed to evaluate various design parameters to see whether the bridge was susceptible to fail because 
of a particular failure mechanism or not, due to the liquefaction in soil. Therefore, the simplified 
calculation procedures presented in this chapter can also be used to check the stability of piles for the 
preliminary design of bridge piles in liquefiable soil deposits. Further, the invaluable case studies data of 
various bridges can further be used to carry out more detailed investigation of bridge failures in liquefiable 
soil deposits.  
Lastly, Figure 4-33 is provided collating all the case studies carried out in this chapter. Along with the 
presented case studies, the Showa bridge, which collapsed in 1964 Niigata earthquake (Japan) and 
Magsaysay bridge, which collapsed in 1990 Luzon earthquake (Philippines) were also modelled in FEM 
program SAP2000 along with their p-y curves. The linear modal analysis was carried out for different piers 
of those bridges to estimate change in their natural period, peak displacement demands due to the 
liquefaction in soil. The result obtained from those analyses are also presented in Figure 4-33. It can be 
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observed in the figure that as the natural period of the pile increases due to full liquefaction, the peak 
displacement of the pile also increases. For the ratio of corresponding natural periods (Tpost/Tpre) presented 
in axes in the graph, for a value higher than 1.9, the peak displacement of the pile increase manifold. It 
can be observed that all the piers which had failed due to liquefaction, lie on the right-hand side of the 
dividing line at Tpost/Tpre =1.9. Hence, while designing pile foundations for any simply supported bridge in 
liquefiable deposit, the natural period of the bridge support should be evaluated for both the extreme 
conditions; i.e. before liquefaction and after liquefaction. It has been recommended that the Tpost/Tpre 
should be kept lower than 2, so that the displacement demand at the pile at full liquefaction does not 
increase exponentially as compared to that of before liquefaction.   
Table 4-19 has also been presented summarizing the various bridges, studied in this chapter and their 
susceptibility of failure in one or the other failure modes as discussed before. It can be seen that the 
bridges can be susceptible to more than one failure modes in case of liquefaction in soil and hence, the 
design of such bridges in liquefaction susceptible areas should take all the failure modes into 
consideration. Further, the failure due to the effects related to the elongation of natural period of pier, 
described as ‘dynamic failure’ in the Table 4-19, which has not been investigated till the date, can be the 
reason of failure for many bridges in liquefied soil.  
170 
 
 
Figure 4-33 Variation of peak displacement of piles with increases in their natural period. 
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Table 4-19 Collapsed pile supported bridge in liquefied soil and their modes of failure of piles 
Collapsed Bridge Name 
(Earthquake) 
Bending 
failure 
Shear Failure Buckling 
failure 
Settlement 
failure 
Dynamic 
failure 
Rio viscaya Bridge 
(1991, Costa Rica 
earthquake)  
✓ ✓  ✓ ✓ 
Juan Pablo II (2010, 
Chile earthquake) 
   ✓  
Shengli Bridge (1976, 
Tangshan earthquake) 
✓    ✓ 
Panshan Bridge (1975, 
Haicheng earthquake) 
✓  ✓  ✓ 
Showa Bridge (1964, 
Niigata earthquake) 
  ✓  ✓ 
Miaoziping bridge 
(2008 Wenchuan 
earthquake) 
    ✓ 
Gaoyuan bridge (2008 
Wenchuan earthquake) 
    ✓ 
Magsaysay bridge 
(1990 Luzon 
earthquake, 
Philippines) 
    ✓ 
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Chapter 5 : Experimental investigation of dynamics of a simply supported bridge 
 
5.1 Outline of the chapter: 
It has been observed from all the case studies as well from the analytical formulations depicted in the 
previous chapters of this thesis that the simply supported bridges founded on piles are susceptible to fail 
near the middle spans in case of liquefaction. It has been hypothesized that it may happen due to the 
increased displacement demand due to the effects related to the differential elongation of natural periods 
of the piers. Therefore, an experimental investigation was carried out at IEM, China through a number of 
shaking table tests, to verify this postulation behind the midspan collapse of pile supported bridges in 
liquefied soil. This chapter describes the experimental work carried out at the shake table facility at IEM, 
China through two main sections. The first section describes about the experimental apparatuses, and the 
second about the signal processing techniques used for the tests. However, the results of all the tests 
have been reported in Chapter 6.  
5.2 Introduction:  
The experimental investigation was carried out on the 5m x 5m large shake table facility at Institute of 
Engineering Mechanics (IEM), Hebei, China. The tests were carried out on scaled down pile supported 
bridge model of a typical simply supported bridge. The design of the piles of small-scale bridge model was 
inspired from the design of Shengli bridge of China, which got collapsed as a result of liquefaction in 1976 
Tangshan earthquake. The picture of the collapsed Shengli bridge during the earthquake is given in Figure 
5-1. The details of the prototype bridge and other details regarding the applied scaling ratios are given 
later in this chapter. The model bridge for the experiment was founded in a layered soil stratum, having 
 173 
 
liquefiable loose sand layer overlying the non-liquefiable gravel layer so that the impact of progressive 
liquefaction in the top sandy layer can be observed on the structure. The conceptualization, methodology, 
experiment execution, data analysis and software, writing and editing was done by me. In addition, the 
entire experimental model was built and tested with the help of IEM, China.  
 
Figure 5-1 Collapse of Shengli  bridge during 1976 Tangshan earthquake (reprinted from (Huixian et al., 
2002) with permission from California Institute of Technology); 
Further, the results from these tests were analyzed carefully to gain insight into the variation in the 
dynamic properties of the pile supported bridge during liquefaction. Especially the natural frequency, 
lateral displacement and bending moment of various pile supported bridge supports were monitored to 
better understand the effects induced by soil liquefaction.  
5.3 Objective of the tests: 
The main objective behind the tests were to verify the mechanisms which may lead to midspan failure of 
pile supported bridges in liquefied soil. However, it is not one of the prime motivation of this study is to 
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recreate the observed midspan collapse of the pile supported bridges. Hence, this study has following 
objectives: 
(1) Investigate the natural frequencies of individual piled supports of a typical scaled down bridge at 
full liquefaction and before liquefaction 
(2) Examine the impact of the reduced natural frequencies of the piers on their design parameters, 
e.g. bending moment and lateral displacement 
(3) Study any further changes in other dynamic properties of the bridge due to liquefaction.  
5.4 Scope of the tests:  
The primary reason behind the tests was to verify the mechanisms behind the midspan collapse of simply 
supported bridges, founded on piles. All the research focus during the tests has been laid on the change 
in the dynamic design parameters of the bridges during the process of liquefaction. However, the aim of 
this study is not to recreate the exact failure mechanism of the prototype bridge.  
5.5 Experimental apparatuses and its arrangement: 
Various mechanical, electrical and electronic apparatuses used for the shake table tests are listed and 
explained in this section. This section includes descriptions about the servo-hydraulic shake table, laminar 
shear box, scaled down bridge models, soil materials and sensors used for the tests. 
5.5.1 Details of the shake table: 
Shake table tests were carried out on a 5m x 5m shake table facility (shown in Figure 5-2) at Institute of 
Engineering Mechanics, Hebei, China. The shake table has 6 degrees of freedom (DoF) with a payload 
capacity of 30 tons, and a maximum overturning moment of 80 ton.m. The maximum allowable stroke in 
the two horizontal directions (X and Y) is ± 500mm each and in the vertical direction (Z), it is ± 200mm. 
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The maximum acceleration achievable in the horizontal direction is 3g and 2g, with the bare table and full 
payload respectively. The shake table can generate the desired sine wave, random and earthquake time 
history. The operational frequency of the shake table is 0-100 Hz. A cast iron loading platform is provided 
on the top for mounting different kind of samples for carrying out tests on them.  
5.5.2 Soil container: 
All the tests were carried out inside a rectangular laminar shear box of 3500 mm long x 2200 mm wide x 
1700 mm deep (see Figure 5-2). This laminar box was secured to the platform of the shaking table with 
the help of tightening bolts. This laminar shear box has been used for liquefaction tests at various 
laboratories in China extensively and hence, its function has not been validated by further experiments 
during this study. Earlier, Su et al. (2018) had employed this container for the study of soil-pile-quay wall 
system in liquefying soil and the same can be referred for further details of the test tank. 
 
Figure 5-2 Laminar shear box used for the test at IEM, Hebei, China 
 
 176 
 
 
Figure 5-3 Picture of simply supported model bridge and the bridge skeleton used for the test 
 
Figure 5-4 Schematic diagram of the plan for the test set up (all dimension are in mm) 
 
5.5.3 Physical model details: 
The shake table test was carried out to mimic a typical river crossing straight simply supported bridge with 
the sloping riverbed profile and the river channel as shown in Figure 5-3 and 5-4. The soil profile in the 
model test consisted of 1350 mm thick sloped ground, like a river profile as shown in Figure 5-4, having 
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the liquefiable loose sand layer overlying the non-liquefying dense gravel layer. The thickness of the top 
loose sand layer was 750 mm throughout the length of the test tank, sloping gently at an angle of 12°. 
This model ground was carefully prepared so as to represent the pile behavior in both the laterally 
spreading (sloping) and liquefied level ground. The thickness of the bottom gravel layer was varying to 
prepare the sloping bed for the overlying sand layer. All the piles were fixed to a bottom wooden board 
to simulate the scenario that the piles are embedded in non-liquefiable dense layer and to eliminate the 
effect of settlement of piles during soil liquefaction. 
Two scaled down bridge models were constructed inside the test tank (laminar shear box in this case). 
One of the models was a simply supported bridge with the bridge deck on top of it (named as ‘Bridge 
1’)and the other one was a bridge skeleton without any deck on the top (named as ‘Bridge 2’)(see Figure 
5-2 and 5-5). Such an arrangement for the test was done to isolate the effect of inertial load from that of 
the kinematic load, applied on different piles of the bridge from the liquefied soil.  
Further, there was no bearings placed between the decks and the piles. It was intentionally done to 
eliminate any effect of the bearings on the overall vibration of the bridge supports, so that the effect 
rendered due to the liquefaction of soil can be solely studied. It has also been reported in the literature 
(Tsai et al., 2007) that due to the small damping ratio of the roller bearings, large displacement and 
undesired deck oscillation may be induced in case of scaled down shake table tests. An elastomeric 
bearing also enhances the natural period of vibration of the structure (Mori et al., 1996). Addition of a 
viscous damper may be an alternative option to reduce the bearing displacement and eliminate the 
unfavorable oscillation, but these kind of dampers increases the acceleration response of the structure. 
Hence, no bearings and dampers were used for the test so that the effects due to the liquefaction of soil 
can be solely identified. In fact, there has been a lot of work (Saiidi et al., 2012; Yang and Cheung, 2011) 
on the seismic behavior of bridges, where shake table tests have been carried out without the presence 
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of any bearing so that any additional dynamic effect of the bearings on the bridge behavior can be 
eliminated. The work of Kunde and Jangid (2006) also suggests that the simply supported bridges would 
behave as a Single Degree of Freedom (SDOF) system only when there is isolation bearing placed below 
the girders. 
 
Figure 5-5 Schematic diagram of the plan for the test set up (all dimension are in mm) 
5.5.4 Soil material  
The intention of the test was to get a layered soil stratum with the liquefiable soil strata overlying the 
non-liquefiable strata. As it is quite difficult to get a non-liquefied soil stratum for the scaled down 1-g 
model tests due to its limitation of low confining stress, it was decided that a dense gravel layer must be 
laid as the bottom non-liquefying layer to ensure that it does not liquefy during the test.  
The soil tank was covered with multiple layers of waterproof sheets (see Figure 5-3) before the gravel and 
sand were poured in. This was put in place to ensure the safety of the invaluable equipment of the shaking 
table. The bottom gravel layer and the top sand layer were poured into the test tank in dry condition with 
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the help of overhead cranes. The gravel was dropped from a height of 500 mm to maintain a constant 
density. After being put inside the tank, the gravel was tamped with a steel rod to make it denser. The 
density of the gravel layer was found to be 20 kN/m3. The thickness of the gravel layer was varying to 
prepare the sloping bed for the overlying sand layer. The preparation of gravel layer inside the test tank 
can be seen in Figure 5-6. The properties of the bottom gravel layer are given in the Table 5-1 and the 
curve for grain size distribution is given in Figure 5-7. The gravel used for the test can be classified as 
poorly graded gravel (GP) as per the UCCS classification. 
      
Figure 5-6 Preparation of gravel layer for the test 
Table 5-1 Properties of the gravels used for the test 
D10 (in mm) D30 (in mm) D50 (in mm) D60 (in mm) Cu Cc 
14 17.5 19.8 21 1.41 1.04 
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Figure 5-7 Grain size distribution of gravel 
Once the dense gravel layer was prepared, the sand was pluviated from the top as shown in Figure 5-8. 
The loose sand layer was prepared quite carefully by dropping the sand through a funnel of orifice of 60 
mm and from a height of around 1200mm. The orifice diameter and the height of fall values for sand were 
determined as per the study by Gade et al. (2015). A relative density of 13% was achieved for the top sand 
layer by following the above methodology. The thickness of the top loose sand layer was 750 mm 
throughout the length of the test tank, sloping gently at an angle of 12°(see Figure 5-4). Later the entire 
depth of soil was saturated by putting the water through the bottom up methodology with the help of six 
equally spaced small diameter PVC pipes. The white small diameter PVC pipes used for putting water 
inside the tank can be seen in Figure 5-8. The small diameter pipes were specifically used so that the water 
discharge rate won’t disturb the arrangement of soil particles near the water outlet nor create a piping 
effect inside the soil sample. Once the soil was saturated, the top sand strata settled down to achieve a 
final relative density of 25%. The top loose sand layer used for the test comprised of uniform graded sand, 
procured from the banks of Baihe river in China. The grain size distribution and the properties of the sand 
are given in Figure 5-9 and Table 5-2 respectively.  It can be observed from the figure that the grain size 
of the sand falls well within the range of highly liquefiable soil as defined by (Tsuchida, 1970). The 
maximum and minimum dry unit weight for the sand was found to be 16.7 kN/m3 and 13.5 kN/m3 
respectively. 
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Figure 5-8 Photograph of preparation of the sand layer and PVC pipes being used to put the water inside 
 
Figure 5-9 Grain size distribution of sand 
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 Table 5-2 Properties of the sand used for the test 
Maximum dry unit weight (kN/m3) 16.7 
Minimum dry unit weight (kN/m3) 13.5 
emax 0.95 
emin 0.58 
Specific Gravity (Gs) 2.65 
D10(in mm) 0.1 
D30 (in mm) 0.17 
D50 (in mm) 0.2 
D60 (in mm) 0.24 
Cu 2 
Cc 1.2 
5.5.5 Details of Model bridge: 
Two model bridges were constructed side by side inside the test tank as shown in Figure 5-3 as already 
explained in the earlier Section 5.4.3. The actual prototype pile adopted for this study was that of Shengli 
Bridge of China (see Figure 5-1), which collapsed in 1976 Tangshan earthquake. Further details of Shengli 
bridge are given in the later sections and can also be obtained by referring to the studies (Mohanty and 
Bhattacharya, 2019, 2018).  
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Details of the bridge supports: 
The design of the model piles for the experiment were inspired from the design of piles of intermediate 
supports of Shengli bridge (China). The bridge had piles of diameter of 900 mm and did not have any pile 
cap in between the pier and the pile. Hence, the whole pier-pile system of the pile supported bridge is 
being represented as a whole pile in this study, with a pile cap at the top to represent the pier cap of the 
prototype bridge supports. It can be easily understood by referring to Figure 5-3 and Figure 5-10. The 
length of the piles of different bridge support of the prototype bridge varied in length from 25 to 30m 
along the bridge. Consequently, the relevant scaling factors have been adopted for this experiment to 
scale down various parameters and these are listed in Table 5-3. Further details of this bridge can be found 
in the study by the researchers (Huixian et al., 2002; Tang et al., 2008). 
The 1800 mm long hollow piles of 6063 T5 aluminum alloy were used as the model piles for the test, 
keeping in mind the similitude ratios. The outside diameter and thickness of the piles were measured to 
be 34.9 mm and 1mm respectively, with the help of vernier calipers. The material properties and the 
geometric dimension of the pile are listed in Table 5-4. The model bridge built for the test had 3 
intermediate supports and 2 abutments. The intermediate bridge supports were founded on single piles, 
whereas the pile group of 2x2 was used for both the abutments. The piles were spaced 2.5 times the 
diameter apart from each other in case of pile groups. It can be observed that the geometric dimension 
of the pile was carefully chosen for the experiment following the scaling laws of (Iai, 1989). More emphasis 
was laid on the scaling down of the flexural stiffness as it was one of the primary factors affecting the soil-
pile behavior. Although it was not quite possible to adopt the exact values determined by the study of (Iai, 
1989), attempt was made to make the ratios as close as possible to the proposed scaling ratio, along with 
the intention of the observed phenomenon to be clearly manifested in the experiment.  
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In all the tests, before the soil strata construction, the piles were fixed to a wooden board to maintain the 
fixity, so as to represent a pile being fixed inside a non-liquefiable stiff stratum as shown in Figure 5-4. 
Various bridge supports in the model test were named conventionally for the ease of analysis and data 
presentation. The naming convention used in this study for various bridge supports are given in Figure 5-
10; e.g. 1LAP, 1LP, 1CP, 1RP, 1RAP bridge support were named to represent Left Abutment Pile (LAP), Left 
Pile (LP), Central Pile (CP), Right Pile (RP), Right Abutment Pile (RAP) of Bridge 1. 
 
Table 5-3 Scaling ratio for 1-g shake table test: 
 Model 
dimensions 
Prototype 
dimensions 
Scaling ratio 
(proposed by 
(Iai, 1989)) 
Scaling ratio in 
this study 
Length (m) 1.8 26 n 14.4 
Density (kg/m3) 2700 2400 nρ 0.88 
Strain 1 1 nε 1 
Acceleration 1 1 na 1 
Flexural stiffness 
(N/m2) 
1041 5.6 x108 n5. nρ/ nε 540682 
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Table 5-4 Geometric and mechanical properties of model piles: 
Diameter (mm) 34.9 
Thickness (mm)  1 
Length (mm) 1800 
Young’s modulus (GPa) 
(measured with the help of 4-point bending tests) 
68  
 
Figure 5-10 Naming convention followed for various bridge supports in this study along with the 
geometric dimension of the deck, 
The steel pile caps were used for all the piles and were rigidly fixed to piles with the help of ‘ergo 1690’ 
adhesive, a Methyl Methacrylate structural adhesive. The fixity of this joint was checked before the actual 
tests and the adhesive was found to be quite rigid to represent the joint as a fixed joint. The pile caps used 
for the single pile and pile groups were of dimension 100mm x 100mm x 25mm and 150mm x 150mm x 
25mm respectively. The mass of the pile caps for single pile and pile group were 2.25 kg and 4.10 kg 
respectively. The piles along with their pile cap are shown in Figure 5-11.  
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Decks: 
Each of the simply supported decks were of size 630mm long x 76mm wide x 46mm thick, having a mass 
of 17.60 kg.  For the simply supported model bridge, the gap between two consecutive decks was 
maintained at 40 mm as mentioned in the Figure 5-10.   The photograph of the model bridge deck used 
for the test is given in Figure 5-12. 
The simply supported deck was designed in such a way that the superstructure load imposed on the 
intermediate piles was 19.85 kg, which included the mass of the deck and that of the pile cap. This gave a 
Factor of Safety (FoS) of around 3 against the buckling failure. The decks were designed to be free (roller) 
at one end and hinged/pinned at the other end as shown in Figure 5-11. Moreover, the grease was also 
applied at the bolt and nut arrangement near the roller joint and also at the surface where the deck rested 
on the pile cap, so that the movement could be frictionless and effective.  
5.5.6 Instrumentation: 
Different physical parameters of the soil and the model bridge was measured with the help of different 
sensors. The acceleration of various bridge supports and that of soil at various heights were measured 
with the help of waterproof accelerometers. Various pore pressure transducers were placed inside the 
soil away from the pile as well as near the pile to measure the excess pore water pressure in the free field 
and near field situations during the shaking. 
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Figure 5-11 Aluminum piles and their steel pile caps used for the test 
 
 
Figure 5-12 Photograph of the model bridge deck 
Further, several pairs of strain gauges were used to measure bending strains in the pile during the test. 
The details of various sensors used during the tests are given in the following section. The layout of the 
various sensors placed inside the soil and on the structures are given in Figure 5-13 (a) and (b). The wires 
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connecting these sensors to the data acquisition system was also made waterproof and checked before 
carrying out the tests. 
5.5.6.1 Accelerometers: 
The uniaxial accelerometers manufactured by YMC Piezotronics Inc were used for the tests (see Figure 5-
14). These accelerometers are piezoelectric based accelerometers. These accelerometers were connected 
at different pile caps to measure their acceleration response during the tests. These accelerometers were 
also placed at different heights inside the soil as shown in Figure 5-13 (a) and Figure 5-16 to observe the 
change in the acceleration time history of soil before and after liquefaction. As these accelerometers were 
not manufactured as water-resistant, they were made water resistant by making special arrangements as 
shown in Figure 5-15. They were put inside a lightweight wooden box, having the provision for its 
connection wire.  Once the wooden box is sealed from all the sides, a waterproof coating was given on all 
the sides and were left to dry for 24-48 hours. Further, as the soil loses all its shear strength and becomes 
like water in case of liquefaction, it was made sure that the accelerometers resting on liquefied soil should 
not sink to the bottom, else the acceleration time history of such soil would not be recorded. Hence, some 
weights were placed at different places around the accelerometer ‘waterproof box’, so that the weight is 
distributed evenly, and the box does not sink into the soil in case of liquefaction. These ‘accelerometer 
boxes’ can be seen in Figure 5-15. Once the waterproof coating was dry, the ‘waterproof’ accelerometers 
were again tested and calibrated with the help of a data acquisition system for their accuracy. The picture 
of various accelerometers, being put inside the soil and as well as on the pile cap is shown in Figure 5-16. 
One amplifier was used for data acquisition from the accelerometers (see Figure 5-17). All the 
accelerometers were duly calibrated before the tests with standardized procedures. All the properties of 
the accelerometers are listed in the Table 5-5. 
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(a)         (b)  
(c)    
Figure 5-13 (a) Layout of the sensors placed in central array inside the soil; (b)Layout of sensors placed along with piles; (c) Hatched piles have 
strain gauge attached to them. 
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Figure 5-14 Accelerometers used for the tests 
                    
Figure 5-15 Accelerometers put in the box to make them waterproof and buoyant 
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(a)   
 (b)           
Figure 5-16 Placement of accelerometers;(a) at different heights inside soil during pluviation; (b) on pile 
caps (the portion inset is zoomed in the adjacent picture) 
 
Figure 5-17 Amplifier used for the accelerometers 
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Table 5-5 Properties of accelerometers used for tests 
Manufacturing company  YMC Piezotronics INC 
Type Integrated Electronics Piezo-Electric (IEPE) 
Model No 132A500 
Outer casting material  Stainless steel 
Sensitive part material  PZT-5 
Measurement range ±10g 
Frequency range  0.3-3000 Hz 
Horizontal sensitivity ratio ≤5% 
Operating temperature  -40 to 121°C 
Weight 115g 
5.5.6.2 Pore-water pressure transducers (PPT): 
The ‘DMKY-50 kPA’ model pore-water pressure transducers, manufactured by Nanjing Dan Mo Electronic 
Technology Co Ltd, China were used for the tests. A pore pressure transducer measures the pore water 
pressure with the help of a thick diaphragm mounted in a case. The diaphragm is usually equipped with 
sensing elements or sometimes it can be itself the sensing element. A porous disc is usually provided to 
externally protect this diaphragm from getting damaged by external elements. The pictures of the PPTs 
used for the tests are given in Figure 5-18. The PPTs were placed at different heights inside the soil with 
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the help of thin wires, so that these strings do not impede the movement of soil (see Figure 5-18). The 
properties of the PPTs are mentioned in the Table 5-6.  
       
Figure 5-18 Pore-water pressure transducers (PPT) and its positioning inside the soil 
Table 5-6 Properties of PPTs used for the tests 
Nominal range: 0 to 50 kPa 
Least count: 0.01 kPa 
Size 15.8mm diameter and 21mm long 
Type Strain gauge type 
Resistance 350 Ω 
Sensitivity: 0.2mV/kPa 
Error  ≤0.3 F.S 
Overload capability 120% 
Cable length  3m 
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5.5.6.3 Strain gauges: 
BX120-3AA type of strain gauges manufactured by HLC Group, Ireland were used for the tests. The grid 
resistance of the strain gauge was 119.6±0.1 Ω. The sensitivity for them was found to be 2.08±1%. The 
picture of the strain gauge is shown in Figure 5-19. The details of the strain gauge are listed in Table 5-7. 
Some of the piles (aluminum tubes) were instrumented with 7 pairs of strain gauges, which were mounted 
on the opposite sides of the pile to estimate the bending moment in the pile. The piles, which had strain 
gauges attached to them are shown as hatched piles in Figure 5-13 (c). The piles 1CP, 1LP, 2CP, 2LP had 
strain gauges attached on their external surface (see Figure 5-10 for naming convention). One pile in each 
of the pile groups were instrumented with strain gauges. Further, the location of strain gauges for 
different piles are shown in Figure 5-20. Adhesive Superglue 502 -AWG97027 was used to attach the strain 
gauges to the pile. The connecting wires were then cabled together with cable ties and were carefully 
passed to the outside of the tank. Once the strain gauge was attached rigidly to the pile, a waterproof 
polyurethane coating QF-509 TOUMINGJIAONIANJI was used all around the pair of gauges, so that they 
do not get damaged in the presence of water in the soil (see Figure 5-19).  The strain gauges were checked 
for their ‘water-proofing’ before the tests, and only 2 strain gauges out of 84 strain gauges were 
malfunctioning in the presence of water. Those malfunctioning strain gauge data are discarded during the 
analysis of results.  
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Table 5-7 Properties of Strain Gauges used for the tests 
Size 3.0 x 2.0mm 
Type High Precision Resistance Strain Gauge, Full-
Bridge  
Resistance 119.6±0.1 Ω. 
sensitivity coefficient and dispersion: 2.08+/-1% 
Suitable temperature -30C~70C 
Weight 0.40 grams 
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Figure 5-19 Pictures of strain gauges being attached to pile and their waterproof coating  
(a)                              (b) 
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 (c)  
Figure 5-20 Layout  of strain gauges for piles (a) Central piles (1CP and 2CP) ; (b) Side piles (1LP and 2LP); 
(c) Abutment piles(1LAP and 2LAP) 
5.5.6.4 Potentiometers: 
Eleven number of string potentiometers were used for the tests for measuring displacements of various 
components of the model bridge and soil tank during the tests. The potentiometer SW-50, invented by 
Institute of Engineering Mechanics, China was used for the test (see Figure 5-21). The properties of the 
potentiometers are given in Table 5-8. Out of these eleven potentiometers, eight were used for the piles 
and decks of the model bridge to measure their respective displacements. Further, three potentiometers 
were used at the side of the tank to measure the movement of the laminates during the tests. The 
positions of various potentiometers are illustrated in the schematic diagram in Figure 5-22(a). The 
potentiometers are named as Displacement Transducers (DT: DT1, DT2.. and so on). The potentiometer 
DT1, DT2, DT3, DT4 were placed on the decks of the model bridge and the other end of the potentiometer 
were connected to the pile cap, on which the free end of the deck is resting on. It was done to estimate 
the relative displacement of the decks with respect to the corresponding pile cap. Further, DT5, DT6 and 
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DT7, DT8 were connected to the pile caps of 1LAP, 1LP, 1CP and 2CP piles to measure their absolute 
displacement with respect to a static rigid frame, which was kept outside of the shake table. The other 3 
potentiometers DT9, DT10 and DT11 which were attached to the laminates of the tank are shown in Figure 
5-13 (b). The connection scheme can be seen in Figure 5-22(a) and (b). 
     
Figure 5-21 String potentiometers used for the tests 
(a)  
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(b)    
Figure 5-22 Locations of potentiometers for the tests; (a) Schematic diagram to show locations; (b) 
Connection of potentiometers to measure relative displacement of decks and absolute displacement of 
pile caps. 
5.5.6.5   Signal conditioner and data acquisition system: 
 Two separate data acquisition system modules were used for strain gauge-based sensors and 
accelerometers respectively (see Figure 5-23). The 128-channel data acquisition system manufactured by 
Pacific Instruments (model: 6000) was used for data acquisition from all the transducers and strain gauges 
(see Figure 5-23). The data acquisition from the accelerometers was done through the amplifiers as shown 
in Figure 5-23(a).  All the channels were samples at a frequency of 200 Hz. The data acquisition was started 
few seconds before the initiation of the tests. All the acquisition was controlled with the help of user 
interface of the software called PI660-6000, supplied by the Pacific Instruments Inc (see Figure 5-23(b)). 
All the output data were stored in text files, which were used for post processing and analysis of results.  
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Table 5-8 Properties of Potentiometers used for the test 
Range ±50 cm 
Operating frequency range 0-10Hz 
Sensitivity 10mV/V/10mm 
Resoltion 0.2mm 
Power supply 5V 
Weight 0.75kg 
          
Figure 5-23 (a) Data acquisition system used for the tests; (b) User interface for data acquisition system 
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5.6 Base excitation and test program: 
There were two tests, which were carried out with the same experimental setup. The base excitation for 
two of the tests consisted of white noise motions of increasing amplitude. The first input motion consisted 
of white noise signals having bandwidth frequency ranging from 0 to 50 Hz with four levels of acceleration, 
i.e. 0.035 g, 0.08 g and 0.12 g, 0.20g; applied through the shaking table. Each level of acceleration was 
applied for 80 seconds and was incremented without stopping the shaking. The total duration of shaking 
was 320 seconds. Each of the levels of acceleration is regarded as ‘phases’ of the Test 1 in this study; e.g. 
the acceleration level of 0.035g applied during the first 80 seconds is known as Phase 1, acceleration level 
of 0.08g applied during the second 80 seconds is known as Phase 2 and so on. This input motion, applied 
at the base was measured by accelerometer ACC1 (placed rigidly at the bottom of the tank) (see Figure 5-
13) and can be seen in Figure 5-24(a). This test is regarded as ‘Test 1’ throughout this study. Further The 
second input motion, regarded as ‘Test 2’ consisted of white noise signals having bandwidth frequency 
ranging from 0 to 50 Hz with four levels of acceleration, i.e. 0.070 g, 0.16 g and 0.24 g and 0.40g. Each 
level of acceleration was applied for 80 seconds and was incremented without stopping the shaking. 
Similarly, each of the levels of acceleration is regarded as ‘phases’ of the Test 2 in this study. The second 
applied base input motion can be seen in Figure 5-24(b). The power spectrum of input motion for Test 1 
and Test 2 are given in Figure 5-24(a) and (b) respectively. The white noise motions of increasing amplitude 
were used for two purposes: (a) liquefying the soil; (b) study the dynamic characteristic of the pile and 
soil. The excess pore water pressure of the soil due to the Test 1 was allowed to dissipate before the 
second input motion for Test 2 was applied. This kind of successive motion applied to the same 
experimental setup for the all three tests, is quite similar to re-liquefaction phenomenon. This bears a 
resemblance with case histories analyzed by studies (Kuribayashi and Tatsuoka, 1975), where liquefaction 
were recorded at the same site during different earthquakes.  All these input motions are summarized in 
Table  5-9. The power spectrums of all the input motions are given in Figure 5-25. 
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(a)            
 (b)  
Figure 5-24 Input motions used for the tests; (a) Test 1; (b) Test 2 
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(a)       (b)   
 
Figure 5-25 Power spectrum for various input motions: (a) Test 1;(b) Test 2 
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Table 5-9 Details of the tests carried out on model bridges: 
  
Test 
Name 
Details Frequency  
Test 1 White noise motion of broadband frequency 0-50 Hz with increasing 
amplitudes of 0.035g, 0.08g, 0.12g and 0.20g. The soil tank is shaken 
at a particular amplitude for 80 seconds, before the amplitude is 
increased to the next level, without stopping the shake table.  
0-50 Hz 
Test 2 White noise motion of broadband frequency 0-50 Hz with increasing 
amplitudes of 0.07g, 0.16g, 0.24g and 0.40g. The soil tank is shaken at 
a particular amplitude for 80 seconds, before the amplitude is 
increased to the next level, without stopping the shake table. 
0-50 Hz 
 
5.7 Signal Processing: 
It is also known as ‘post processing’ of experimental data captured through different sensors, for 
interpretation of results in a meaningful way. As all the sensors are electronic equipment, powered by 
electric signals, they can sometimes induce error in the data due to their own functional methodology.  
Hence, it is quite important to understand the following issues before carrying out any post processing 
analysis on the data: 
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(1) Geometrical, mechanical and electrical properties of the sensors; 
(2) Sources of error; 
(3) Methods of eliminating those errors; assumptions and limitations of these methods, if any 
(4) Methodology of converting the output data of the sensors to the data of interest; e.g. the 
accelerometers’ data can be used to estimate the natural frequency, damping of the system. 
Assumptions and limitations of this methodology, if any.  
All the data obtained from the different sensor were acquired through data acquisition system (DAQ) as 
stated in the previous section. These data were processed with great caution so that the error present 
and the loss of meaningful data is minimized.  This process of signal processing is mentioned in the next 
section, with respect to various sensors used.  
5.7.1 Accelerometer data  
Many often the accelerometer data needs initialization, i.e., the first value recorded on the accelerometer 
data file is not zero. Hence, this first value in each of the file is subtracted from all the data in that 
corresponding file, so that the data is represented correctly, starting at 0. Further  the ‘initialized’ 
accelerometer data needs baseline correction; if there are some drifts. All the accelerometer data were 
baseline corrected by giving the Matlab  command ‘detrend’. Once it is done, all the accelerometer data 
were filtered with the help of 4th/5th order Butterworth Bandpass filter. The lower and upper cutoff 
frequency were kept at 0.26 and 50 Hz respectively. As the Fourier spectra of acceleration were checked 
before selecting the cutoff frequencies, it could be observed that the spectral amplitude had a sharp decay 
at about 0.26-0.6 Hz, and the spectral amplitude progressively increased below that frequency (for 
example see Figure 5-26 for ACC1). It is a common characteristic of accelerometer noises, as already 
stated in the study (Wilson, 1998). Hence, the lower cutoff frequency was kept at 0.26 Hz. As the electric 
supply to the shake table is AC with 50 Hz frequency, the upper cutoff point was kept at 50 Hz. 
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 (a)  
(b)   
Figure 5-26  FFT of the input motion for Test 1 : (a) Before filtering ; (b) after filtering 
5.7.2   Potentiometer data:  
The potentiometer data were first initialized so that the displacement data in the file starts at zero. The 
displacement transducers like potentiometers are quite sensitive to low frequencies. Hence, these data 
were ‘low’ pass filtered by keeping cutoff frequency at 10 Hz. In addition, the data acquisition system used 
for the test had a default analog filter of filtering all the data above 10 Hz frequency.  One more interesting 
 207 
 
aspect is that the acceleration time histories obtained from the accelerometers were double integrated 
to obtain the cyclic displacement of the corresponding piles later in this study (see Section 6.3.3 in Chapter 
6). It is interesting to note here that the double integration of accelerations could reasonably match with 
the cyclic displacements, but not with the permanent or residual displacements. This issue is discussed in 
detail later in the mentioned section of Chapter 6. 
5.7.3 Strain gauge data 
Strain gauge data are usually dominated by low frequencies. Hence, the strain gauge data were filtered 
with the help of Butterworth ‘low’ pass filters as well as ‘band pass’ filters for the appropriate 
representation of data. These all are discussed in detail in the next chapter. 
5.7.4 Pore pressure data  
The operating principle of the pore pressure transducers (PPTs) used for the tests was based upon the 
principle of strain gauge. Hence, the data from PPTs were dominated by low frequencies. Hence, a High 
pass filter set at 15 Hz was used for filtering the pore water pressure data.  
5.8 Summary  
A series of shaking table tests were carried out with the model scaled down simply supported bridges to 
estimate the change in their modal parameters, due to liquefaction. The design of model bridge was 
inspired from the Shengli Bridge of China, which collapsed due to 1976 Tangshan earthquake. In fact, two 
model bridges were constructed. One bridge had decks supported on the piles, where as the other bridge 
did not have deck on top of the piles. This design was done to isolate the inertial loads from the kinematic 
loads in case of soil liquefaction. The model test was carried out to mimic a typical river crossing bridge, 
hence had the sloping river bed profile. The piles of the model bridge passed through the layered soil and 
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were fixed at the bottom of the tank with the help of a wooden board. The model layered soil strata had 
loose sand overlying the dense gravel layer. White noise motions of increasing amplitude were applied at 
the bottom of the tank with the help of shaking table to simulate progressive liquefaction. Various 
electronic sensors like pore pressure transducers (PPT), accelerometers, potentiometers, strain gauges 
were put in the soil and on the bridge supports to measure their values during the shaking. The picture of 
the complete test set-up just before the test is given in Figure 5-27. The output data obtained from the 
sensors were ‘post-processed’ so that meaningful results could be obtained, by eliminating noise (errors).  
 
Figure 5-27 Picture of the complete test set up before Test 1       
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Chapter 6 : Results and Discussions: Experimental investigation  
 
 
6.1. Outline of the chapter: 
An experimental investigation was carried out on scaled down simply supported bridges with the help of 
shaking table to verify reasons behind the midspan collapse of pile supported bridges. These model 
bridges were supported on pile foundations, which passed through the layered soil and being fixed at the 
bottom of the tank. The layered soil had sloping loose sand strata overlying the dense gravel layer, 
mimicking a typical river cross section near a bridge. Two number of tests were carried out. White noise 
motion of increasing amplitude were used as input motion to the shake table to liquefy the soil and to 
measure the change in the dynamic parameters of the bridge during the test. Various accelerometers, 
pore water pressure transducers, potentiometers and strain gauges were used to monitor the change in 
the dynamic parameters of the soil and the structure during the process of liquefaction. The output 
obtained from these sensors are reported in this chapter, along with interpretation of those results. It has 
been found that the natural frequency of the pile supported piers decreases as the soil liquefaction 
happens, with the central pile attaining the lowest natural frequency as compared to any other supports 
of the bridge. Further, the point of maximum bending moment in the pile varies for different piers 
depending upon its location with respect to the end abutments.  
6.2. Introduction: 
The shaking table tests were carried out on the model pile supported bridges in layered soil strata to verify 
the plausible mechanism behind the midspan collapse of pile supported bridges, due to liquefaction. Two 
series of motions were given as input to the shake table to liquefy the soil inside the test tank. The first 
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series of motion, known as Test 1 comprised of white noise motions of increasing amplitude, where 
acceleration of the shaking table was increased from 0.035g to 0.2g in 320 seconds in 4 consecutive stages. 
The second series of motion, known as Test 2 comprised of white noise motions of increasing amplitude, 
where acceleration of the shaking table was increased from 0.07g to 0.4g in 320 seconds in 4 consecutive 
stages. The complete details of all the input motion are not explicitly given here to maintain the brevity 
and non-repetition of the information. The Section 5.6 of the previous chapter can be referred for all the 
details about the input motion given to the shaking table.  
6.3. Results and discussion: Test 1 
Once all the sensors were correctly placed at its designated locations, the base shaking was given to the 
shaking table for the Test 1. It was observed that the pore water started escaping to model ground surface 
rapidly during the Phase 3 of Test 1. The pore water was seeping to the top surface through the formation 
of sand boils and crater like formations. It can be seen in Figure 6-1. Later, at the end of all the tests, many 
craters and sand boils could be observed on the model ground surface, during the process of excavation 
of model ground and piles. The soil immediately surrounding the pile was depressed with standing water 
covering an annular zone around the pile. These crater-like formations resembled to, what is usually 
referred to as flat-cone sand volcanoes (Huang and Yu, 2017).  These volcanoes were solitary and clustered 
cones at different places on the model ground surface. These can be seen in Figure 6-2. Although white 
noise motion of increasing amplitude was applied for the Test 1, the spans of the bridge did not collapse 
during this test. The output obtained from various sensors employed during the Test 1 is reported in this 
section. These data were processed to eliminate any noise in the data. Further, other post processing 
analysis was done to interpret the results in a meaningful way. The Section ‘5.7 Signal processing’ of the 
previous chapter can be referred for further details regarding the post processing of data. These post-
processed data are presented with respect to the category of sensors hereafter.  
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Figure 6-1 Pore water ejecting rapidly to the ground surface as soon as the liquefaction happens 
      
Figure 6-2 Formation of sand boils and crater like formations on model ground surface. 
6.3.1. Pore pressure transducers(PPTs) : 
The pore pressure transducers were arranged inside the layered soil strata at different heights to measure 
the rise in porewater pressure, in response to the shaking motion given to the soil tank. Some pore 
pressure transducers were placed in a central vertical array (referred to as ‘sensor array’ in Figure 6-3(a), 
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which was equidistant from both the model bridges, to estimate the pore water pressure in the far-field 
condition (see Figure 6-3(b)).  Some other pore pressure transducers were attached at the sides of the 
pile to estimate the pore pressure in the near-field condition (see Figure 6-3(c)). The pore pressure 
transducers PPT1, PPT2, PPT3 and PPT4 were placed inside the gravel layer in the central sensor array. 
The PPT5, PPT6 and PPT7 were placed inside the liquefiable loose sand layer at different elevation and at 
different distance from the side boundary to monitor the process of progressive liquefaction.  These pore 
pressure transducers are meant for recording the excess pore water pressure in the far field (away from 
the pile). Further, PPT8, PPT9, PPT10 and PPT11 were attached to the sides of the 1CP pile with adhesive 
tapes to record the time history of pore water pressure near the pile. Similarly,  PPT12, PPT13, PPT14 and 
PPT15 were attached to 1RP pile to measure the pore water pressure near the pile. These later eight PPTs 
were employed to measure the pore water pressure in the near field condition. 
The time histories of pore water pressure near various PPTs are given in Figure 6-4 and 6-5. The value of 
excess pore water pressure is expressed in terms of Excess Pore Water Pressure Ratio (abbreviated as 
EPWR in the figures). The Excess Pore Water Pressure Ratio (EPWR, ru) at a particular PPT location is 
defined as follows. 
𝐫𝐮 =
𝜟𝒖
𝝈𝒗𝟎′
          Equation 6-1 
where Δu is the recorded variation of pore water pressure at a depth where the PPT was placed before 
shaking; and σv0’ is the initial effective overburden stress at that depth. For the evaluation of liquefaction, 
the suggestions made by (Beaty and Byrne, 2011) has been used for the current study. It suggests the 
following : ru =0 suggests ‘no liquefaction’ and ru ≥ 0.7 suggests ‘initiation of liquefaction’. 
Although ru =0.7 indicates partial liquefaction in soil theoretically, this criterion has been chosen to 
represent the initiation of liquefaction at a particular depth of soil due to the following two reasons: 
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1)  The shaking induced densification of soil at a particular depth leads to higher effective 
overburden stress than the calculated one, which reduces the EPWR of the soil. Hence, they are 
likely to indicate a lower EPWR as compared to its actual value at the designated position.  
2) Further as the PPTs are not fixed at their positions inside the soil, they tend to sink down as the 
soil settles down. Hence, they are likely to indicate a lower EPWR as compared to its actual value 
at the designated position.  
6.3.1.1. Far -field PPTs 
In the current study, PPT1, PPT2, PPT3, PPT4 PPT5, PPT6 and PPT7 are regarded as far-field PPTs as they 
are placed in the central vertical sensor array and hence, the effect of movement of piles on them will be 
minimal. All the readings of those PPTs are given in Figure 6-4. It can be observed that the pore water 
pressure started increasing within few seconds, after the start of the test. The pore water pressure steadily 
increased with each phases of input acceleration. It can be noticed from the readings of PPT1, PPT3 and 
PPT4 that the excess pore water pressure ratio (ru) did not reach the value of 0.7 or unity during the entire 
shaking event of Test 1. Although EPWR of PPT2 almost reached the value of 0.7 for few seconds during 
the third phase of the test, it did not sustain for long. Hence, it indicates that the dense gravel layer did 
not liquefy during the Test 1.  However, it can be seen that for the PPTs placed in loose sand layer (PPT5 
and PPT7), EPWR reaches the value of unity during the Phase 3 of the test. During  the ‘Phase 3’ and ‘Phase 
4’, the EPWR for PPT5 and PPT7 lie very close to 1, but sometimes above it and sometimes below this 
value.  It is of interest to note here that the pore pressure transducers may settle during the process of 
liquefaction as the soil settles down. Consequently, precise estimation of pore pressure ratio (ru) is quite 
challenging. Therefore, the excess pore pressure ratio (ru) can be seen being slightly greater than 1 for 
some of the PPTs. Further, although undrained loading is assumed for the soil condition during the 
duration of the test, it can be seen in Phase 3 that the pore water escaped to the ground surface as shown 
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in Figure 6-6 later. It can be a possible reason for the steady reduction in EPWR of these PPTs in 3rd Phases 
of the test, although the input motion steadily increased till the end of the test.  
Further, sometimes there can also be some local spikes in the PPT readings which indicate sudden rise in 
pore water pressure, followed by instantaneous drop in pore water pressure to a slightly lower value (e.g. 
PPT5, PPT7). It can happen due to (1) shaking induced densification of soil, which leads to higher effective 
overburden stress than the calculated one; (2) shear induced dilation (Wang et al., 2019; Zeghal and 
Elgamal, 1994). Therefore, for all practical purposes, the soil was assumed to be liquefied for EPWR (ru) 
greater than 0.7.  It can also be noticed that the soil at shallower depth attained higher pore water 
pressure earlier than the soil particles, which are at a greater depth inside the soil tank. It can be observed 
in Figure 6-4 that the soil near around PPT7, placed at 150mm from the model ground surface attained 
EPWR (ru) of unity during the 2nd phase of the test (at around 120 seconds), but for the soil around PPT5, 
which is placed at a depth of 350mm from the model ground surface started attaining ru =1 only during 
the 3rd phase of loading (at around 176 seconds).   
6.3.1.2. Near-field PPTs 
The pore pressure transducers PPT8, PPT9, PPT10, PPT11, PPT12, PPT13, PPT14 and PPT15 are regarded 
as near-field PPTs as they are close to the piles and hence, the movement of piles will affect their readings. 
These PPTs attached to the sides of the piles showed the rise in pore water pressure within few seconds 
of application of input motion as shown in Figure 6-5. The pore water pressure kept on increasing with 
each increasing level of acceleration. The EPWR of the PPTs attached to the central pile 1CP attained the 
value of unity during the ‘Phase 3’ of the test. For example, for PPT8, it can be seen that EPWR increased 
to a value higher than 1 during the third phase of the test. It was followed by immediate reduction in 
EPWR, possibly due to the shear induced dilation and consequently strain hardening of soil, which gets 
triggered by the full liquefaction of the soil. As already discussed before, although undrained loading is 
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assumed for the soil condition during the test, it can be seen in Phase 3 that the pore water escaped to 
the ground surface as shown in Figure 6-6 later. It can be a possible reason for the steady reduction in 
EPWR of these PPTs in 3rd Phase of the test. The picture of the pore water ejecting to model ground surface 
can be seen Figure 6-6(c),  along with the pictures of the model soil and the bridge during the various 
stages of the test. It can be seen that the soil did not liquefy much in the Phase 1 and Phase 2 of the test. 
But the soil ejecta started coming out as a result of full liquefaction, after few seconds of the initiation of 
Phase 3. It results in the reduction of excess pore water pressure of the surrounding soil. It is interesting 
to note here that as the pore water escapes to the ground surface, the soil starts settling down due to the 
reconsolidation. However, the settlement due to reconsolidation of soil has not been taken into account 
in this thesis as this study does not endeavour to study the settlement failure of structures and piles in 
case of liquefaction in soil. Moreover, the piles are fixed to the soil tank at the bottom. Hence, they are 
also not expected to fail in settlement.  
A sincere effort was made during the preparation of the test to make the entire boundary condition ideally 
as same as possible for all the lateral boundaries, although it was observed during the experiment that 
the water escaped to the ground surface mostly from one side of the tank. This observation is quite similar 
to the formation of sand boils and craters in soil during the process of liquefaction. Moreover, the pore 
water usually escapes to the ground surface near the pile-soil interface as it gets a dissipation path there 
due to the detachment of soil from the pile (Haeri et al., 2012). Therefore, more spikes are visible in the 
readings of near field PPTs as compared that of far-field PPTs. It is of greater significance to mention here 
that the sand boils and crater like formations could also be seen around the piles as shown in Figure 6-2, 
which supports the argument that the pore water may have escaped through the pile soil interface.  
Further, it is interesting to observe the spike in the PPT readings, starting from the Phase 2  of the test. As 
already discussed before, these spikes in the readings of PPTs are observed as a result of shear induced 
dilation, which happens only during the liquefaction in soil. It can be observed in Figure 6-5 that the spikes 
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started appearing in the readings of PPT10  during the onset of Phase 2 of the test, which is a sign that 
soil surrounding soil near this PPT  started liquefying in Phase 2 itself. However, the strong spikes in the 
readings of PPT8  could only observed in the Phase 3. It also corroborates the fact the soil near shallow 
depth (near PPT10 ) liquefy earlier than the that of at deeper depth.  
It can be observed that the EPWR (ru) for the PPT8, which is placed at 550mm below the ground surface 
attained its highest value of unity due to the white noise motion of amplitude of 0.12g (3rd phase). 
Although EPWR near PPT8 reduced shortly after full liquefaction, it remained at a steady value of 0.8 for 
the rest of the third phase of the test. Thereafter, the excess pore pressure ratio again increased to a value 
of 1 during the 4th phase of the test and further reduced to remain at a steady value of 0.8-0.9 for the rest 
of the the test. Hence, the loose sandy soil up to 550 mm below the model ground surface (upto PPT8) 
was found to be liquefied (see Figure 6-3(d)). In addition, it can also been seen from the readings of PPT12 
and PPT13 that the soil lying at a depth of 700 mm from the model ground surface did not liquefy during 
the whole test. Assuming a uniform depth of liquefaction for liquefying loose sand layer, it is assumed 
that this soil layer had liquefied up to this depth of 550mm below the model ground surface (upto PPT8). 
Further, wherever ‘full liquefaction’ has been mentioned in this study, it is referred to the condition that 
the full liquefaction has happened up to the depth of 550 mm from the ground surface and this depth of 
liquefaction has been assumed to be uniform near all the bridge supports (see Figure 6-3(d)). 
 
6.3.1.3. Comparative picture between the near-field and far-field pore pressure 
transducers: 
It is interesting to study the comparative picture between the pore pressure readings of the near-field 
PPTs and that of the far-field PPTs, where they exhibit different kind of characteristics for the rise and 
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dissipation of pore water pressure. If we compare the pore water pressure readings of PPT5 and PPT8, it 
can be seen from the Figure 6-7 that as soon as the soil liquefies (ru=1) during the 3rd phase of test, the 
pore pressure readings of PPT8   exhibit a lot of peaks, which is manifested by a thick  EPWR.  It has been 
mentioned in the literature that as soon as the soil liquefies under the undrained loading, the liquefied 
soil has a tendency to dilate beyond a certain point, exhibited by the regain in shear strength (Elgamal et 
al., 1998).  As soon as the dilation in the sand happens, the effective overburden stress increases, which 
makes the EPWR to drop instantaneously. On the other hand, at the same time due to the movement of 
the pile, the soil still experiences undrained loading which increases the pore water pressure, forcing the 
EPWR to go up again.  This is primary reason for observing many peaks in pore water pressure readings of 
near field PPTs. However, the soil away from the pile experiences the drop in pore water pressure due to 
the dilatancy in soil, but they do not exhibit much regain in pore water pressure. Therefore, the PPTs 
placed in the far field condition exhibit less peaks in their pore pressure readings.  
Moreover, when the pore pressure readings of two near-field PPTs are compared with each other, they 
tend to exhibit different trends in the rise and dissipation of pore water pressure. If we compare the pore 
pressure readings of PPT8 and PPT11, it can be seen that although the PPT placed deeper inside the soil 
(PPT8) exhibited a higher degree of dilation as a result of liquefaction, the PPT at shallow depth (PPT11) 
did not show much of dilation. It is of significance to mention here that the dilation plays a very important 
role for higher confining stress problem as compared to relatively unconstrained soil problem (Houlsby, 
1991).  Therefore, as confining stress of a particular soil is directly proportional to its depth from the 
ground surface, it is quite apt to adopt that higher dilational tendency will be exhibited for soils near the 
PPT8, as compared to that of near PPT11.  
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(a)                      (b)                                          
(c)            (d)  
Figure 6-3 Layout of pore pressure transducers and accelerometers; (a) Central sensor array: equidistant from bridges (b) sensors inside the 
soil along the central vertical array (far field condition)and (c) PPTs in near field condition; (d) Depth of liquefaction
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Figure 6-4 Pore water pressure readings obtained from Test 1 for various PPTs placed in far-field 
condition along with input motion 
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Figure 6-5 Pore water pressure readings obtained from Test 1 for various PPTs placed in near-field 
condition along with input motion 
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Figure 6-6 Model soil and bridges at different phases during Test 1: (a) Just after Phase 1; (b) Just after 
Phase 2; (c) Soil ejecta to the top surface during the full liquefaction just after Phase 2 (during 
transient phase); (d) After Phase 3 
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Figure 6-7  Comparative analysis between the free-field and near-field PPTs. 
 
 
 
6.3.2. Accelerometers: 
6.3.2.1. Accelerometers placed inside the soil 
The accelerometers ACC1, ACC2 , ACC3  and ACC4  were placed in the central vertical array inside the 
different soil layers to measure their acceleration during the course of the test (see Figure 6-3(b)). The 
accelerometer ACC1 was rigidly attached to the bottom of the test tank, hence its acceleration record 
represents the input motion given to the shaking table. The accelerometers ACC2 and ACC4 were being 
used at the midsection of top surface of gravel and sand layer respectively. The accelerometer ACC3 was 
placed inside the loose sand layer, at a depth of 250mm from the model ground surface. The layout of all 
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the accelerometers inside the soil is given in Figure 6-3(b). The acceleration time history obtained from all 
these accelerometers are given in Figure 6-8.  
 
Figure 6-8 Acceleration time history of accelerometers placed inside the soil 
It can be observed from the acceleration record of ACC4 that the acceleration reduced significantly in the 
‘Phase 3’ of the test, in the shallow loose sand layer as compared that of input motion. It is of interest to 
mention here that the loose sand layer had undergone full liquefaction in this 3rd phase, as apparent from 
the pore water pressure records (mentioned in Figure 6-4 and 6-5). Further, the acceleration record of 
ACC2 shows that the acceleration of the gravel layer gets amplified during the whole of input motion as 
this layer does not get liquefied. This kind of behavior, where the non-liquefying layers amplifies the input 
motion has been reported in many studies (Wang et al., 2019; Haeri et al., 2012). This happens as the 
gravel layer does not liquefy, however it exhibits the behavior of a soft soil cover, where the input motion 
gets amplified. It can be observed that the acceleration of soil surrounding accelerometer ACC3 was 
almost same as that of the input motion during the Phase 1 and Phase 2. It is of interest to observe the 
acceleration record of ACC3 during Phase 3, which shows that acceleration started decreasing as soon as 
the soil liquefied. But soon after t= 186 seconds (shown by red dotted line in Figure 6-8), the acceleration 
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started increasing. This behavior is commensurate with the increase and the drop (peaks) in pore water 
pressure in PPT5 and PPT8 as shown in the previous figures. The pore water pressure of PPT5, PPT7, PPT8 
and the acceleration record of ACC3 are put together in Figure 6-9 to have a clear understanding of the 
underlying mechanism.  
It can be seen from the acceleration record of ACC3 (see Figure 6-9) that the acceleration of the soil near 
this accelerometer got amplified slightly during the Phase 1 and Phase 2 of input motion. The overlying 
loose sand layer did not undergo full liquefaction during these two phases. But this acceleration started 
decreasing at the advent of Phase 3. It can be observed from Figure 6-9, where the input motion is 
superimposed on the acceleration record of ACC3. On the other hand, the excess pore water pressure 
ratio of the soil near PPT5 reached a value of unity simultaneously during this time, indicating the full 
liquefaction of soil. As the soil loses all its shear strength during the process of full liquefaction, the 
acceleration of the soil decreases. It can be observed that the acceleration of the soil near ACC3 started 
further increasing at around t=186 seconds, where the pore pressure of the soil also started decreasing 
possibly due to shear induced dilation of soil and escape of pore water to the ground surface. Usually the 
pore pressure drop during the dilation happens when the pore water tries to take the additional pore 
space created due to dilation. But the low permeability of soil and the higher rate of loading hinders the 
movement of water into the pore space, which create a suction pressure, lowering the excess pore water 
pressure.  As the dilation of the soil helps to regain the shear strength of the soil, the acceleration of the 
soil also increases. Therefore, the acceleration of the soil near ACC3 increases as compared to that of input 
motion (ACC1) for the rest of Phase 3 and Phase 4 of the test. For all practical purposes, it has been 
presumed that overlying loose sand liquefied upto a depth of 550 mm from the model ground surface 
during this 160-186 second duration. For the rest of Phase 3 and Phase 4 of test, the loose sand stayed in 
a state of partial liquefaction.   
 226 
 
Similarly, it can be observed that the acceleration of the soil near ACC4 was almost similar as that of the 
input motion for the Phase 1 and Phase 2 of the test. But as soon as the soil liquefied in phase 3, the 
acceleration reduced as the soil lost its shear strength. Unlike ACC3 , there was no regain in acceleration 
for ACC4 , once the acceleration reduced due to liquefaction.  It can also be validated by the readings of 
PPT7, which does not show the dilatancy induced decrease in pore water pressure. Further, the top 
surface soil of loose sand layer remained liquefied throughout the Phase 3 and Phase 4 of the test, as per 
the readings of PPT7.  
                                      
     
Figure 6-9 Acceleration response of liquefied soil vis-à-vis its pore water pressure 
6.3.2.2. Accelerometers placed on the piles: 
The accelerometers ACC5, ACC6, ACC7 and ACC8 were placed on different piled supports of the model 
bridge. Accelerometers ACC5, ACC6, ACC7 and ACC8 were placed on the pile caps of 1LAP, 1LP, 1CP and 
2CP (see Figure 6-3(c)) respectively to measure the acceleration response of the piled supports. The 
 227 
 
acceleration responses of different bridge supports are plotted in Figure 6-10 along with the input motion. 
It can be observed from the Figure 6-10 that the accelerations observed at all these pile caps show higher 
or similar value as compared to that of the input motion, before the liquefaction (during Phase 1 and 
Phase 2 of the test). This happens as the soil has adequate shear strength to transmit the waves coming 
from the bottom of the tank. But as the soil liquefaction happens(during and after the third phase of input 
motion), the acceleration at the pile caps did not increase much as compared to that of the table input 
motion, which kept on increasing. As the soil liquefaction happened in the test, the acceleration response 
of the piled support either remained the same as that of before liquefaction or reduced by a slight margin. 
This can happen as much of the motion do not get transferred to the structure due to the higher damping 
exerted by the liquefied soil. In this context, it is of importance to mention here that the study by 
(Lombardi and Bhattacharya, 2014) suggests that the damping ratio of liquefied soil can increase up to a 
value as high as 20%.  
 
Figure 6-10 Acceleration time history of the pile caps of various model bridge supports along with 
input motion 
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The readings of the accelerometers placed on the piles can be a valuable input to estimate the dynamic 
characteristics of those piles; natural frequency is one among them, which affects the behavior of the 
bridge in a significant way. These acceleration time histories are further processed to estimate the natural 
frequency of various bridge supports. The procedure followed is explained in the next section. 
6.3.2.3. Natural frequency of bridge supports estimated from acceleration records: 
The Fourier transform is widely used to find the frequency content of a signal obtained in the time domain. 
Based on the assumption of Fourier transformation, it is most appropriate for the signals, which are linear 
and periodic. However, for the signals which are nonlinear and non-periodic, the spectral analysis method 
cannot show the variation of the frequency content with respect to time. Hence, the time-frequency 
analysis is utilized to characterize a signal in both time and frequency domains. Various time-frequency 
analyses have been utilized till the date, e.g. spectrograms, wavelet analysis, Hilbert-Huang transform, 
Spectral kurtosis, Short-time Fourier transform (STFT) etc. In order to accommodate the sudden variation 
in the system frequencies in short time intervals, Short-time Fourier transform (STFT), introduced by 
(Gabor, 1946) is often used. In STFT, the overall time history of the original signal in time domain is divided 
into smaller segments of fixed duration, with each segment either partially overlapping or not overlapping 
with the next one. Then Fast Fourier transform (FFT) of each of these smaller signals in each segment is 
conducted, giving the Fourier spectrum of each of these segments. These Fourier spectra can further be 
used to determine the fundamental frequency in each of these segments with the help of transfer 
functions. The transfer functions are the mathematical representation of the whole input-output system 
and it is represented in frequency domain. Generally, the transfer function of a system is the ratio of the 
Laplace transform of the output signal to the Laplace transform of the input signal. Hence, in the output 
of a transfer function, the maximum value is indicative of the natural frequency of the system.  
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This methodology of STFT has been used in this study to estimate the natural frequency of various piled 
support at different time duration.  The transfer functions between different signals recorded on different 
components of the model are used for evaluating the system response of the bridge supports. The transfer 
function can be evaluated through the Matlab command ‘tfestimate’. The relationship between the input 
x and output y is modelled by a linear, time-invariant transfer function H(f).  It is assumed that in the 
frequency domain, Y(f) = H(f)X(f). Hence, the value of H(f) can be estimated by the following equation.  
𝑯(𝒇) =
𝑷𝒚𝒙(𝒇)
𝑷𝒙𝒙(𝒇)
               Equation 6-2 
where Pyx  is the cross power spectral density of x and y; Pxx is the power spectral density of x. 
The above methodology is used to estimate the system response of various bridge supports and is defined 
as follows: 
1) System response of the abutment pile group, having pile 1LAP is evaluated by finding out the 
transfer function between the accelerogram at its pile cap (ACC5) and that of the input motion, given at 
the bottom of the soil tank (ACC1).  
2) System response of the intermediate bridge supports having piles 1LP and 1CP are evaluated by 
finding out the transfer function between the corresponding accelerograms at their pile cap and that of 
the input motion. 
This above methodology allows the estimation of natural frequency of the piled supports of 1LAP, 1LP and 
1CP at different intervals of time. For this process, the total time history of 320 seconds was divided into 
44 sections; each of 7.5 seconds with partial overlap of one signal between any two consecutive sections. 
It has been decided as per the following criterion: 
1) This block of 7.5 seconds time duration was decided in such a way that all the modes of interest 
are sufficiently excited. Usually given a time window that is ‘T’ seconds long, the minimum 
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frequency that can be resolved is 1/T Hz, for that time signal. Hence, with a signal length of 7.5 
seconds, the minimum frequency that can clearly resolved is 0.133 Hz. As the signal frequency 
below 0.26 Hz is regarded as noise for the accelerometer data (see Section 5.7.1 in the previous 
chapter for further details), the signal length of 7.5 seconds can be aptly used for STFT. 
2) Further, as the soil-structure interaction behaviour in liquefied soil is a highly nonlinear problem, 
the time duration for each block (known as time resolution) should be such that the soil-pile 
system remains linear during that time; in other words, the transfer function should be linear 
during that time. The nonlinearity of a relationship between an input signal and an output signal 
can be conveniently evaluated by the MATLAB command of ‘isnlarx’. Once the complete input 
and corresponding output signals were divided into blocks of 7.5 seconds, the linearity of the 
transfer functions were verified with the help of MATLAB code. 
Hence, each phase of the input motion has 10-11 blocks and each of the block is named with an Roman 
number as suffix. For example, the first 7.5 seconds of Phase 1  is known as Block 1-I; the second 7.5 
seconds of Phase 1 is known as Block 1-II; similarly the second 7.5 seconds of Phase 2 is known as Block 
2-II etc. So, Phase 1 will have 11 blocks: Block 1-I, Block 1-II, Block 1-III, Block 1-IV and so forth. The transfer 
function was used to estimate the predominant frequencies of all the piled supports at different time 
instances. For the brevity of the information, plots of some of the transfer functions for various piles  are 
presented in Figure 6-A-1 in the Appendix 6-A. Further, the natural frequency in various blocks are listed 
in Table 6-B-1, given in Appendix 6-B.  
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Figure 6-11 Variation of natural frequency of various bridge supports during the course of liquefaction 
(a) Waterfall plot of natural frequency vs time through the implicit STFT method of MATLAB for bridge 
support 1CP; (b) Power spectrum plot of 1CP showing time-frequency distribution; (c)Change of 
natural frequency of piled bridge supports; (d) Input motion; 
(a) Central Pile  (1CP): 
The natural frequency of central pile 1CP at different intervals of time has been evaluated with the help 
of Short Time Fourier Transformation (STFT). The value of those natural frequencies during different 
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intervals of time has been mentioned in Table 6-B-1 of Appendix 6-B. The waterfall plot of the output of 
Short Time Fourier Transformation (STFT) of the accelerogram of ACC7 is plotted in Figure 6-11(a). It can 
be observed from the figure that the natural frequency of the bridge support having central pile 1CP was 
around 6Hz during the Phase 1 of the test. It can be distinguished by a dark red pixelated ‘band’, which 
suggests the maximum energy in that frequency range. A black broken line has been drawn at the middle 
of this ‘red pixelated band’ to clearly delineate the reduction in natural frequency of the central pile. As 
the magnitude of acceleration increased in subsequent phases of loading, the excess pore water pressure 
started increasing for various depths of soil, subsequently the depth of liquefaction kept on increasing. As 
a result, the natural frequency of this bridge support started decreasing in the subsequent phases of the 
test.  The same can also be observed in the power spectrum plot of pile 1CP  in Figure 6-11 (b), which can 
be evaluated with the help of command ‘pspectrum’. The command ‘pspectrum’ is used for evaluating the 
time frequency component of any signal with the help of Kaiser windowing. It can be seen that high energy 
‘light coloured pixels’ start somewhere near around 6Hz at the start of the test, however it reduces to a 
value of around 2-3 Hz towards the end of the test. It can also be observed that although these figures 
could roughly demonstrate the change in the natural frequency over the time, it does not have good 
resolution. It has always been challenging in case of a time -frequency analysis to get a good balance 
between the resolution and leakage (windowing) of the data (Chen and Feng, 2003). 
Further, the decrease in the natural frequency of pile 1CP is presented in terms of the ratio of fn/fni (where 
fn= natural frequency of the pile at a particular block of the test; fni = natural frequency of the pile at first 
block of first phase of test) in Figure 6-11(c) along with for other piled support. It can be observed that 
the natural frequency of the central pile 1CP reduced to about 35% of its initial natural frequency, to 1.96 
Hz at around 180 seconds. It is of interest to note here that the natural frequency of 1.96 Hz was 
predominant for the time period of 172.5-180 seconds, just around the time when the top loose sand fully 
liquefied up to the depth of 550 mm due to the third phase of the test. Further, it can also be observed 
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that the natural frequency of central pier started increasing to some extent thereafter.  This can be 
attributed to the dilatancy and consequently strain hardening of the liquefying loose sand layer. This can 
also be correlated with the corresponding decrease in excess pore water pressure readings of PPT8.  
 
(b) Abutment Pile (1LAP) and Intermediate Pile (1LP): 
Similarly, for the abutment 1LAP, its natural frequency was estimated from the transfer functions between 
the accelerogram of ACC5 and ACC1. It can be noticed that its natural frequency started decreasing as the 
soil started liquefying from the model ground surface. The abutment 1LAP had the initial natural 
frequency of 6 Hz, but it reduced by about 60% to its lowest value of 2.34 Hz at around 180 seconds, just 
about the time when central bridge support attained its lowest frequency. Moreover, the intermediate 
bridge support having pile 1LP had the initial natural frequency of 5.9 Hz and it reduced to its lowest value 
of 1.96 Hz at around 180 seconds. 
 It can be observed that the abutment 1LAP and the intermediate bridge supports having piles 1LP and 
1CP had similar initial natural frequency during the first phase of loading, as the whole bridge started 
moving as one whole system. Due to the small value of displacement being applied and small inherent 
friction of the system, the whole bridge system could still be in the linear elastic region during Phase 1 of 
the test. It can also be possible due to the deck to deck interaction, where the presence of the deck affects 
the movement of each of the piles. This effect has been explained in the next section.   
But as the magnitude of acceleration of the white noise motion started increasing, the system entered 
into the nonlinear region consequently and hence, all the piled supports started showing different natural 
frequencies. The central pile 1CP exhibited the lowest natural frequency among all the instrumented piled 
supports at full liquefaction.  It may have happened as the maximum depth of liquefaction was achieved 
in this phase of the test, rendering different lengths of individual piled support unsupported. As the central 
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bridge support 1CP had the maximum unsupported length of pile at full liquefaction, it could be observed 
that it also had the lowest natural frequency at the time of full liquefaction. It must be emphasized that 
in a prototype bridge, this difference in natural frequency of two consecutive supports at full liquefaction 
can be large, depending upon their respective soil supports. It is of interest to note here that for all these 
monitored piles, the lowest frequency has been found for a time duration, hence the exact time of lowest 
natural frequency has not been found out.  
 
(c) Deck-to-deck interaction: 
The presence of stiff deck sometimes makes the entire bridge to behave as one single system for small 
motions. In other words, the movement of various bridge supports gets coupled with the deck. This has 
been terms as ‘deck-to-deck’ interaction for this study. It has also been termed as ‘coupling effect’ in the 
literature by various researchers (Calvi, 1998; Priestley, Seible and Calvi, 1996), where it has been 
observed to happen for the cases where deck to pile/ pier stiffness ratio is high. To further illustrate this 
effect, before this test was done, free vibration tests were carried out on each of these model bridge 
supports, where a dead load equivalent of the superstructure load was kept on each of the pile caps 
securely.  Hence, a dead load with a weight that of the model deck was put on the central pile and the 
intermediate piles (1CP and 1LP, 1RP), whereas a dead load with a weight equal to half of the model deck 
was put on the abutment bridge support (1LAP and 1RAP) for the free vibration test. Another set of free 
vibration tests done after putting the deck in place; on top of the piles. The Table 6-1 and 6-2 summarise 
the findings of the free vibration tests. It can be observed in Table 6-1 that all the piled bridge supports 
had distinctly different natural frequencies at different soil fill conditions, i.e. without any soil, only with 
gravel and with both gravel and sand being filled up to its design height. But once the deck was placed on 
top of the pile caps, various bridge supports started exhibiting behaviour as if the complete bridge is 
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similar to a whole system (see Table 6-2) . It can be caused due to the absence of isolation bearings at the 
pile cap, but the presence of isolation bearing would have seriously alternated the behaviour of the 
system as already explained in the previous chapter in section 5.5.3.  
Table 6-1 Natural frequency during the free vibration tests with only dead loads 
 Natural frequency for various soil fill condition (Hz) 
Pile Name Without any soil With gravel With gravel and sand  
1LAP 4.97  10.9 12.9 
1LP 0.90 1.17 2.7 
1CP 0.808 1.34 2.4 
  
Table 6-2 Natural frequency during the free vibration tests with decks placed on top of piles 
 Natural frequency for various soil fill condition (Hz) 
Pile Name Without any soil With gravel With gravel and sand  
1LAP 1.62 3.30 8.05 
1LP 1.6 3.27 7.78 
1CP 1.54 3.14 7.74 
(d) Pile without the deck (2CP): 
The waterfall plot of the output of Short Time Fourier Transformation (STFT) of accelerogram of ACC8 is 
plotted in Figure 6-12. It can be observed from the figure that the natural frequency of the pile 2CP was 
around 6Hz during the Phase 1 of the test. It can be distinguished by a dark red pixelated ‘band’, which 
suggests the maximum energy in that frequency range. A black broken line has been drawn at the middle 
of this ‘red pixelated band’ to clearly delineate the reduction in natural frequency of the central pile. As 
the magnitude of acceleration increased in subsequent phases of loading, the excess pore water pressure 
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started increasing for various depths of soil, subsequently the depth of liquefaction kept on increasing. 
Consequently, the natural frequency of the pile 2CP decreased to a value of 4Hz towards the end of the 
test. 
 
Figure 6-12 Waterfall plot of natural frequency vs time through the implicit STFT method for bridge 
support 2CP 
Further, the natural frequency of various piles, which were measured during Test 1 are compared with 
the corresponding natural frequencies estimated using the methodology given in Chapter 3. This 
comparison has been given in Appendix 6-C. It clearly shows that the piles of Bridge 1 showed deck-to-
deck interaction effect, whereas for piles of  Bridge 2, they did not exhibit any such effect.  
6.3.3. Potentiometers: 
The lateral displacements of the piled supports were measured with the help of string potentiometers. 
One of the ends of the string potentiometer was tied to the pile cap and the other end was installed in a 
fixed frame outside the shaking table. The potentiometers DT1, DT2, DT3, DT4 were installed at various 
decks of the bridge to measure their relative displacements and DT5, DT6, DT7 and DT8 were installed at 
the pile caps of 1LAP,1LP, 1CP and 2CP to measure their absolute displacement respectively. The layout 
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of all the potentiometers is given in Figure 6-13. The time history of lateral displacement of these piled 
supports are given in Figure 6-14 and Figure 6-15. It can be observed in Figure 6-14 and 6-15 that the 
lateral displacement of the piled supports increased mainly at the onset of liquefaction during the phase 
3 of the test, whereas before the liquefaction the lateral displacement was quite minimal. Further, the 
readings of the potentiometers placed on top of the piled bridge supports for the measurement of their 
absolute displacements are given in Figure 6-15. As the absolute displacement of the piles can be directly 
related to the natural frequency of the corresponding bridge support at any instance of time, more 
emphasis has been laid on the absolute displacements of pile in the subsequent explanations. It is evident 
that the readings of the potentiometers have two components; residual displacement (monotonic 
component) and cyclic displacement. The residual component of the lateral displacement has been 
delineated in Figure 6-16(a), by filtering out the dynamic component of it. It can be further be observed 
from Figure 6-16(a) that the lateral monotonic displacement of the central pile 1CP  is higher than that of 
the abutment stiffer piles. Moreover, the relative displacement of the central pile 1CP with respect to the 
intermediate pile 1LP is given in Figure 6-16 (b). This can be obtained by subtracting the time history of 
the  lateral displacement of 1LP  from that of the central pile 1CP.  
It can be observed from Figure 6-16 (b) that as the partial liquefaction gets initiated in the Phase 2 of the 
test, the relative displacement of 1CP  with respect to the pile 1LP increases. This may have happened as 
the central pile must be undergoing higher lateral cyclic displacement due to the unsupported length of 
pile, which is higher as compared to that of the intermediate pile. But as soon as the full liquefaction up 
to the depth of 550 mm from the ground surface happens in the Phase 3 of the test, the lateral 
displacement of the intermediate pile 1LP  also increases by a greater extent due to the lateral spreading. 
Hence, the relative displacement between these two piles almost remains the same after the Phase 3 of 
the test.  
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Figure 6-13 Layout of all the potentiometers (named as DT: displacement transducers) 
 
Figure 6-14 Readings of the potentiometers used for measuring relative displacements of deck with 
respect to pile cap 
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Figure 6-15 Readings of the potentiometers used for measuring absolute displacements of the piled 
bridge support 
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(a) 
 
(b)                             
Figure 6-16 Lateral displacement of piled supports; (a) Total, monotonic and cyclic displacement 
readings from potentiometer; (b) Relative displacement of 1CP with respect to 1LP; 
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Figure 6-17  Comparison of cyclic displacements: (a) Cyclic displacement of 2CP; (b) Comparison of 
cyclic displacements of 1LAP, 1LP and 1CP;  
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Figure 6-18 Envelope of cyclic displacement of 1CP and 1LAP  as taken from Figure 6-15 
 
      
Figure 6-19 Cyclic component of the lateral displacement for central pile 1CP 
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(a) Potentiometers connected to bridge support without any deck (2CP): 
The wire potentiometer DT8 was placed on top of the pile cap of 2CP, which did not have any deck on top 
of it. It can be noticed from the Figure 6-15 and 6-17 (a) that the bridge support 2CP had very less lateral 
cyclic displacement in the Phase 1 of the test. As the liquefaction of the shallow layers of sandy soil started 
in the 2nd phase, it started having lateral displacement of the order of 6-7mm. It can be possible as there 
was no liquefaction of soil as the during the Phase 1 of the test and the amplitude of vibration was low as 
well. During the initial stage of Phase 2 of the test, the lateral displacement of  the pile increases as 
liquefaction of the shallow layer started during this time (as can be verified from PPT7 readings, ref. Figure 
6-4). Further, during the advent of full liquefaction for 160-170 seconds, the lateral displacement of the 
pile increases to the order of 10-11mm and thereafter, it reduces after few seconds. This may have 
happened as the full liquefaction happened up to the depth of 550 mm during this time duration. It is 
interesting to see this lateral displacement started decreasing after the initial surge in the lateral 
displacement in the Phase 3 (marked by broken red lines). It may have happened as the dilation follows 
immediately after the full liquefaction, which reduced the depth of liquefaction. It may also happen as the 
pile bounces back slightly just after full liquefaction as it loses the soil-pile contact. The initial surge in the 
lateral displacement due to the full liquefaction has been denoted with red broken lines in the Figure 6-
15 for DT8.  
(b) Potentiometers connected to Abutment support: 
It can be noticed from the Figure 6-16(a) that the piled abutment had very less residual displacement 
(monotonic component of lateral displacement) in the first two phases of the test. The mean level of the 
lateral displacement remained almost at zero during these first two phases. It can be possible due to the 
inherent higher lateral stiffness of the pile group. In addition, there was no lateral spreading of sand during 
these first two phases of the test. Although liquefaction of the shallow layers of sandy soil started in the 
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2nd phase of test, the pile group was quite stiff to avert the effect due to smaller degree of lateral spreading 
caused by the liquefaction of shallow soil layers. But once the overlying sandy soil completely liquefied 
upto the depth of 550 mm (at around t=178 seconds) and started spreading laterally in the third phase of 
loading, the residual lateral displacement of this piled support increased to almost 3mm at around 180 
seconds. This displacement increased by further 1 to 2 mm in the fourth phase of the test.  
(c) Potentiometers connected to Intermediate supports (1CP and 1LP):  
It can be observed from Figure 6-16(a) that during the initial few seconds of Phase 1 of the test, the 
intermediate piles 1LP and 1CP had initial small residual lateral displacement (around 2mm). It may have 
happened as the pile may have readjusted itself, as the surrounding loose soil separated from the pile due 
to the motion given to the soil tank. It can be noticed that the monotonic lateral displacement of the pile 
1LP did not increase further after the first phase of the test, till the commencement of the third phase of 
the test, although the cyclic lateral displacement of the pile had been occurring due to the ongoing shaking 
motion. During the course of third phase of the test, the lateral displacement of 1LP increased to almost 
4 mm and it further increased to around 5-6 mm during the final phase of the test (see Figure 6-16(a)). 
This can be attributed to the lateral spreading of soil for pile resting in the sloping ground. Moreover, it is 
interesting to note the drop in the residual lateral displacement at around 185 seconds (marked by red 
broken lines), which happens as the pile bounces back after full liquefaction. Similar observations have 
also been observed in the experiments done by (Haeri et al., 2012; He et al., 2009a).  
On the contrary, the central pile 1CP had level ground profile, which rules out the effect of lateral 
spreading on the pile. The lateral displacement of the central pile increased to a value of 2mm during the 
first phase of the test, which may have happened as the pile may have readjusted itself, as the surrounding 
loose soil separated from the pile due to the motion given to the soil tank, as pointed out earlier. Further, 
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it can be observed from Figure 6-16 (a) that the lateral displacement increased by 1-2 mm during the 2nd 
phase of the test.  
Therefore, as soon as the full liquefaction up to the depth of 550mm happened in the third phase of the 
test (see PPT 8 in Figure 6-4), the central pile started having larger lateral displacement, of the order of 7-
8 mm. This can be compared with the maximum lateral displacement of 10-11 mm of 2CP pile. It is of 
interest to note here that the displacement of all the piles of Bridge 1 could be affected due to the coupling 
effect (deck-to-deck interaction effect) as discussed in the previous Section 6.3.2.3 of this chapter. As a 
result, the bridge support piles were displaced less as compared to the situation, where they would have 
behaved as individual single degree of freedom system (similar to a situation where superstructure deck 
is replaced with a dead load of equal mass). In other words, the coupling effect can result in a conservative 
estimation of the lateral displacement.   
Further, the time history of mean relative lateral displacement of the central pile with respect to that of 
the intermediate pile 1LP is shown in Figure 6-16(b). It can be obtained by subtracting the lateral 
displacement of pile 1LP from that of the central pile 1CP at different instances of time. It can be seen that 
the relative displacement between the central pile and the intermediate pile 1LP  started increasing in the 
Phase 2 of test as the central pile started having higher displacement due to the increased flexibility, 
rendered due to the liquefaction of shallower layers of soil (see PPT5, PPT6 in Figure 6-4).  On the other 
hand, there was not much lateral spreading of soil in the second phase of loading as can be seen from the 
time history of displacement from readings of DT5 and DT6. Further, it is to be noted here that the central 
bridge support having the pile 1CP had its lowest natural frequency also around this time (in time duration 
of 170-180 seconds). It clearly indicates the increased flexibility of the central pile due to the loss of 
surrounding soil stiffness has a bearing on the displacement the pile. Thereafter, the relative displacement 
between these two piles did not increase much, as the pile 1LP also started having higher lateral 
displacement due to the lateral spreading of surrounding soil. In other words, the central piled support 
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started having higher lateral displacement as soon as the soil started liquefying from the model ground 
surface, but the lateral displacement of the abutment and that of its adjacent supports did not increase 
much till the advent of lateral spreading.  
It can be observed that all the piles had differential lateral displacement due to the multitude of factors. 
For the piles of the abutments and its adjacent supports, the lateral displacement may get significantly 
induced by the lateral spreading of soil. But for the central piles, the increase in the flexibility of piles due 
to the reduction in natural frequency may induce higher displacement demand and it may happen at a 
time earlier than that of the lateral spreading of soil. Hence, the cyclic displacement of all the piles are 
compared in the next section to have a better understanding of their lateral displacement, which is caused 
purely due to their own modal vibration.  
(d) Cyclic displacement of piles: 
As it has been hypothesised that as the central piles become more flexible in case of liquefaction they 
tend to deflect more as compared to other bridge supports, it was decided to compare the cyclic 
component of the displacement for the abutment pile and the central pile of the model bridge. The cyclic 
displacement for the pile 2CP has been determined by ‘highpass’ filtering the potentiometer data with a 
cut-off frequency of 0.2 Hz and is given in Figure 6-17(a). It can be observed in the figure that as soon as 
the liquefaction starts in shallow layers of soil in Phase 2 of the test, the cyclic displacement starts 
increasing. At the onset of full liquefaction during 160-186 seconds in Phase 3 of the test, the cyclic 
displacement attains its maximum value of 10-11 mm, which further reduces as the shear induced dilation 
diminishes the effects of liquefaction. It demonstrates that the central piles can have higher displacement 
due to increased flexibility of the piles, owing to liquefaction.  
Further, the cyclic displacements of 1CP,1LP and 1LAP piles have been plotted in Figure 6-17(b). It can be 
observed that as the full liquefaction happened for 160-186 seconds duration, the cyclic displacement of 
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1LP and 1CP became higher as compared to that of the abutment support 1LAP. But as the dilation of the 
overlying sand happened just after the full liquefaction at around 186 seconds and the pore water 
pressure dropped down, the central pile and the abutment support had almost same cyclic displacement 
(seen by overlapping yellow and blue lines in rest of Phase 3 and Phase 4). The envelope of cyclic lateral 
displacement of pile 1CP and 1LAP is given in Figure 6-18 for the ease of comparison.  Although the 
difference in the cyclic displacement of both the piles was in the order of 2-3mm, it can be appreciated 
that such a difference in displacement was clearly exhibited for the scaled down model test, where the 
difference in unsupported length across two different bridge supports is quite less as compared to that of 
a real field scenario. As the confining stress available for soil is less in a shake table test as compared to 
that of the real field, the lateral displacement measured in these tests undermines the actual 
displacement of pile for its response to an equivalent earthquake in the field. The shake table study on 
piles in liquefied soil by various researchers (Lombardi and Bhattacharya, 2014; Yuksekol, Matsumoto and 
Shimono, 2015) also reported displacement of piles of the order of 0.1-3 mm for the amplitude of input 
motions ranging from 0.05-0.4 g.  It is of interest to note here that the cyclic component of the lateral 
displacement is mainly contributed due to the vibration of unsupported length of the pile and the 
superstructure inertial load.  Hence, although the inertial load reduces to a greater extent after 
liquefaction, it must be the vibration of enhanced unsupported length of the pile, which may have 
contributed to the higher cyclic lateral displacement of the central pile.  
(e) Integration of accelerometer data: 
Further, the acceleration of accelerometer ACC7 was double integrated to investigate the lateral 
displacement of central pile 1CP. The MATLAB command ‘cumtrapz’ was used for the integration of the 
acceleration and thereafter the resulting velocity to get the lateral displacement. It is a common issue 
during the integration of accelerometer data that the resulting velocity data shows baseline drifting. 
Sometimes the unfiltered noise in the acceleration signal gets magnified due to the integration process. 
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Hence, the velocity data obtained after the integration of filtered accelerometer was detrended with the 
MATLAB command ‘detrend’. Thereafter the detrended velocity dataset was filtered through a ‘highpass’ 
filter set to 0.1 Hz to cancel the noise before integrating it to estimate the displacement, although the 
process of detrending itself is a high-pass filter for the data. The cyclic component of the lateral 
displacement measured through the experiment and that estimated through the numerical integration 
process has been presented in Figure 6-19. It can be observed that estimated displacement could 
successfully predict the cyclic component of the lateral displacement measured during the experiment, 
but not the residual component of it. It has also been observed by (Wilson, 1998) through his centrifuge 
experiments on piles in liquefied deposits that the numerical integration of the accelerometer data can 
successfully predict only the cyclic component of the displacement of the piles. 
6.3.4.  Strain gauge (Bending moment) 
Twelve to fourteen strain gauges were used in each of the piles of 1CP and 1LP and one of the piles of 
1LAP to measure their bending strains during the process of liquefaction. Similar locations were also used 
for putting the strain gauges in the pile 2CP, 2LP and 2LAP in the Bridge 2. The location of the strain gauges 
for different piles are given in Figure 6-20(a), 6-21(a) and 6-22(a). The strain gauge data were filtered with 
the help of Butterworth bandpass filter with cut off frequency at 1 Hz and 15 Hz to eliminate the unwanted 
drift and high frequency noise. Some of the strain gauges also malfunctioned during the tests. Hence, the 
data presented hereafter will be devoid of those faulty strain gauges. Moreover, as the bending moment 
data presented in this section are already filtered out for frequencies lesser than 1 Hz, the monotonic 
component of bending moment of pile is not included in the estimation.   
The bending moment of a pile at any instance of time at a specific location was obtained by using the 
bending strain data from the strain gauges, placed on the opposite sides of the pile. The bending moment 
was calculated with the help of the following equation: 
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𝑴𝑩 = 𝑬𝑰
𝝐𝒍−𝝐𝒓
𝟐
𝑫/𝟐
            Equation 6-3 
where MB= Bending moment at a particular location in pile; EI= flexural stiffness; εl= bending strain 
obtained from left strain gauge; εr = bending strain obtained from right strain gauge; D= diameter of pile 
6.3.4.1. Central Pile 1CP and 2CP:  
The depth of various strain gauges on pile 1CP from its pile cap has been denoted in the figure (see Figure 
6-20(a)) and the strain gauge locations are being numbered as S6, S5, S4, S3, S2 and S1 from the top to tip 
of the pile respectively. The bending moments at various sections of the central pile 1CP  is given in Figure 
6-20 (b). It can be seen that for the strain gauge pair at S5 and S4, which are placed at a higher elevation 
as compared to other strain gauges, the bending moment is more in Phase 1 and Phase 2 as compared to 
the other strain gauges. Before the liquefaction, the soil has higher shear strength and hence, the 
acceleration imparted to the superstructure was comparable to that of input motion. As a result, the 
bending moment for these two locations (near S5 and S4) progressively increased with the increment in 
inertial load.  This  bending moment due to inertial load could not distress the deeper soils. Hence, the 
bending moment is less for the strain gauge locations, which are placed deep inside the soil, e.g. S3, S2 
etc. for the initial 2 phases of the test.  Further, it can be observed that the bending moment for sections 
S5 and S4 reaches its maximum value during the process of liquefaction as indicated by the broken red 
rectangle window. In fact, the bending moment for the pile 1CP attained its maximum value at the section 
S5 during this time.  
 
From the estimated bending moment time histories at different sections, the time instance of maximum 
bending moment for the pile is identified, which happened at around 168 seconds for the section near S5.   
The bending moment at other sections of the pile at the same time instance has been plotted in Figure 6-
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20(c).  All the bending moment values are plotted in their absolute values for the sake of comparison. 
Further, a polynomial equation of 5th order has been fitted for the distribution of bending moment in pile 
at various sections at the time of maximum bending moment.  
Similar fitting curve has been also drawn for pile 2CP to illustrate the distribution of bending moment at 
the time of maximum bending moment in the pile in Figure 1 in Appendix 6D.  It is interesting to note here 
that for both the pile 1CP and 2CP that the location of maximum bending moment is at a higher elevation 
in the pile (1m from the pile tip), rather than at the interface of liquefied and non-liquefied soil layer, for 
the central piles. The previous research on the estimation of bending moment of pile in liquefied soil also 
posited that the maximum bending moment happens during the transient process, i.e., just before the ru 
reaches the value of unity (He et al., 2009; Motamed and Towhata, 2010). But all these researches were 
aimed at investigating the effect of lateral spreading of soil on the piles, hence the maximum bending 
moment was located at the interface of liquefied-nonliquefied soil.  
Once the liquefaction has occurred, the acceleration of the pile head reduces due to higher damping of 
liquefied soil. It has been reported by the researcher (Lombardi and Bhattacharya, 2014) that the damping 
of soil can increases up to a value as high as 20% in case of liquefaction. Consequently, the higher bending 
moment for the strain gauge locations in shallow layers of soil, e.g. S5 reduces. But for the strain gauges 
placed deeper inside the soil, e.g. S3 and S2, the bending moment kept on increasing as the input 
acceleration was increased due to increase in the kinematic loading. Although every attempt was done to 
make the level ground profile for soil around pile 1CP, slight inclination of soil might have also induced 
kinematic loading from the soil. However, these bending moment values due to kinematic loading did not 
exceed the value of maximum bending moment near the pile section S5. It can therefore be observed that 
before the liquefaction, the inertial load due to superstructure has a higher impact on the bending 
moment  of the pile, which is effective in the shallow depths of soil. But as soon as liquefaction happens 
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in the soil, the bending moment gets affected by the kinematic load of the surrounding soil. As a result, 
higher bending moment is observed for the strain gauges placed deeper inside the soil. 
It is of interest to denote here that the pile 1CP experienced maximum bending moment during the 
process of liquefaction at location S5 (see Figure 6-20(c)). It can happen due to both the effects as 
mentioned below. 
1) Increased flexibility of pile which allows the pile to displace more due to the loss of stiffness in the 
surrounding soil 
2) The inertial load on the pile head, which has not dropped to its lowest level as it happens at full 
liquefaction.  
Therefore, the increased displacement demand in the pile due to enhanced flexibility, caused due to the 
decrease in its natural frequency induces higher bending moment in the pile at a higher elevation towards 
the pile cap, not necessarily at the interface of the liquefiable and non-liquefiable soil layer. As per the 
current practice adopted, the plastic hinge in the pile is usually considered near the pile cap, or at the 
interface of liquefied-nonliquefied soil layer, which may ignore the location of actual plastic hinge in the 
pile.  
Further the time history of bending moment of pile 2CP  of Bridge 2 is compared with the bending moment 
of pile 1CP in Figure 6-20 (d). The depth of a particular strain gauge location from the bottom of the pile 
cap has been denoted in the legend of the graph.  It can be seen that the pile 2CP had little higher bending 
moments at different sections of the pile in all the phases of the test as compared to that of 1CP.  It can 
be explained by the fact that the pile 2CP had more lateral displacement as compared to that of the pile 
1CP during all the phases of test, as a result the curvature of the former was higher than that of the latter. 
It could be possible as the lateral displacement of the pile 2CP was not constrained due to the stiff deck. 
It is of interest to note that the surge in the bending moment of pile 2CP during the process of liquefaction 
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(t=160-180 seconds) for the pile section at 950 mm from the pile cap (see Figure 6-20 (d)). It corroborates 
the fact that the higher bending moment in the pile 2CP  happens due to higher deflection demand during 
the process of liquefaction, which is caused due to increased flexibility of pile owing to liquefaction in the 
surrounding soil.  
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Figure 6-20 (a) Location of strain gauges in pile 1CP; (b) Time history of bending moment at various 
sections of the pile 1CP with the input motion; (c) ) Fitting curve for bending moment distribution at 
different sections of pile; (d) Comparison of bending moment for 1CP and 2CP 
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 Figure 6-21 (a) Location of strain gauges in pile 1LP; (b) Time history of bending moment at various 
sections of the pile 1LP with the input motion; (c) Fitting curve for bending moment distribution at 
different sections of pile; (d) Comparison of bending moment for 1LP and 2LP            
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Figure 6-22 (a) Location of strain gauges in pile 1LAP; (b) Time history of bending moment at various 
sections of the pile 1LAP with the input motion; (c) Fitting curve for bending moment distribution at 
different sections of pile; (d) Comparison of bending moment for 1LAP and 2LAP           
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6.3.4.2.  Intermediate Pile 1LP and 2LP:  
The bending moments at various sections of the intermediate pile  1LP  is given in Figure 6-21. It can  be 
observed that the higher bending moment at strain gauge pair S4 and S5 in pre-liquefaction phase (Phase 
1 and Phase 2), can be attributed to the higher inertial load at  the pile cap due to less damping of the 
non-liquefied soil. But the effect of this higher bending moment during pre-liquefaction phase is less for 
the strain gauges S3 and S2, which are placed on the pile section, kept inside the soil. It can be observed 
that the bending moment for sections S5 and S4 reaches its maximum value during the process of 
liquefaction as indicated by the broken red line. It can be attributed to the increased displacement of the 
pile 1LP due to the enhanced flexibility of the pile (as it happens at a higher elevation as compared to that 
of the interface of liquefied-nonliquefied soil layer).  
Once the liquefaction has occurred, the bending moment for the strain gauge locations in shallow layers 
of soil, e.g. S5 and S4 reduces due to reduction in inertial load. But for the strain gauges placed deeper 
inside the soil, e.g. S2  the bending moment kept on increasing in the Phase 4 of the test due to lateral 
spreading of soil.  
From the estimated bending moment time histories at different sections, two critical bending moment 
profiles were identified for the intermediate piles 1LP and 2LP, one during the process of liquefaction at 
around t=169 seconds and one at the time of lateral spreading at t= 280 seconds.  The bending moment 
at all the sections of the pile at these two time instances has been plotted in Figure 6-21(c). . All the 
bending moment values are plotted in their absolute values for the sake of comparison. Further, a 
polynomial equation of 5th order has been fitted for the distribution of bending moment in the pile at the 
instant of maximum bending moment for both the occasions. Similar fitting curve has been also drawn for 
pile 2LP to illustrate the distribution of bending moment at the instant of maximum bending moment in 
the pile in Figure 2 in Appendix 6D. It is interesting to note here that there are two maximas of bending 
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moment in the pile during the process of liquefaction (when the soil has not fully liquefied up to the 
maximum depth); i.e. one near to the interface of liquefied-nonliquefied soil layer and the other one more 
towards the pile cap. However, much later during the lateral spreading phase, the maxima of bending 
moment lies near to the interface of liquefied-nonliquefied soil layer.  
It can therefore be deduced that before the full liquefaction happens, the inertial load due to 
superstructure has a higher impact on the bending moment of the pile section in the shallower depth of 
soil. But as soon as the soil liquefaction process is initiated near the intermediate pile (which can also be 
susceptible to lateral spreading), the higher bending moment  is induced in the upper section of the pile 
and near the interface of liquefied-nonliquefied soil layer. This may happen as the intermediate pile 1LP  
is affected by the increased displacement demand near the upper section of pile owing to enhanced 
flexibility of pile due to the process of liquefaction. Further, it also may get influenced by the lateral 
spreading of soil at the interface of both the soil layers. But after the full liquefaction happens, the higher 
bending moment is observed only near the interface of these two layers due to the lateral spreading of 
soil.  
Further the time history of bending moment of pile 2LP  of Bridge 2 is compared with the bending moment 
of pile 1LP in Figure 6-21 (d). It can be seen that the pile 2LP had little higher bending moments or similar 
bending in all the phases of the test. It can be explained by the fact that the pile 2LP might had more 
lateral displacement as compared to that of the pile 1LP (which was not measured in the test), as a result 
the curvature of the former was higher than that of the latter.  
6.3.4.3. Abutment pile 1LAP and 2LAP:  
The bending moments at various sections of the abutment pile 1LAP  is given in Figure 6-22(b). It can  be 
observed that the bending moment at strain gauge pair  S3 and S5 in pre-liquefaction phase (Phase 1 and 
Phase 2)were higher due to the higher acceleration at  the pile cap due to less damping of the non-
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liquefied soil. Moreover, as the piles were fixed at the pile cap, higher bending moment was also induced 
in the sections closer to the cap. But the effect of this higher bending moment is less for the strain gauges 
S2 and S1 for the first two phase, which are placed on the pile section, deep inside the soil layer. Once the 
liquefaction has occurred, the acceleration of the pile head reduces due to higher damping of liquefied 
soil. Consequently, the higher bending moment for the strain gauge S5 and S3 reduces. But for the strain 
gauges placed deeper inside the soil, e.g. S2  the bending moment kept on increasing in the Phase 3 and 
Phase 4 of the test due to lateral spreading of soil. It can therefore be deduced that before the full 
liquefaction, the inertial load due to superstructure has a higher impact on the bending moment of the 
pile section in the shallower depth of soil. But for the abutment piles, much higher bending moment is 
observed near to the interface of liquefied-nonliquefied soil layer, due to lateral spreading of soil after 
the full liquefaction.  
From the estimated bending moment time histories at different sections, the time instance of maximum 
bending moment is identified, which happened at around 288 seconds for the pile section near S2.  The 
bending moment at other sections of the pile at the same time instant has been plotted in Figure 6-22(c). 
All the bending moment values are plotted in their absolute values for the sake of comparison. Further, a 
polynomial equation of 4th order has been fitted for the distribution of bending moment in pile at the 
instant of maximum bending moment.  Similar fitting curve has been also drawn for pile 2LAP to illustrate 
the distribution of bending moment at the instant of maximum bending moment in the pile in Figure 3 in 
Appendix 6D. It is interesting to note that the maximum bending moment in the pile is observed near the 
interface of liquefied-nonliquefied soil layer during the Phase 4 for both 1LAP and 2LAP piles.  
Further the time history of bending moment of pile 2LAP  of Bridge 2 is compared with the bending 
moment of pile 1LAP in Figure 6-22 (d). It can be seen that the pile 2LAP had little higher bending moments 
or similar bending in all the phases of the test. It can be explained by the fact that the pile 2LAP might had 
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more lateral displacement as compared to that of the pile 1LAP (which was not measured in the test), as 
a result the curvature of the former was higher than that of the latter.  
 
 
 
6.4. Results and discussion: Test 2 
The second test was carried out in the same experimental test set up as Test 1, with significantly higher 
input than that of the later. Although it was understood that the numerical values of the output of Test 2 
can be different from the Test 1, the Test 2 was carried out to see whether the qualitative results of the 
Test 1 can be reproduced or not. The output of various sensors and the interpretation of their results are 
given as follows.   
6.4.1. Pore pressure transducers  
The pore pressure transducers were arranged inside the layered soil strata at different heights to measure 
the rise in excess porewater pressure, in response to the shaking motion given to the soil tank. The 
arrangement of pore pressure transducers inside the soil is same as that of Test 1 and is already given in 
Figure 6-3.  
The time history of pore water pressure near various pore pressure transducers (PPT) is given in Figure 6-
23 and 6-24. The value of excess pore water pressure is expressed in terms of Excess Pore Water Pressure 
Ratio (abbreviated as EPWR in the figures). The Excess Pore Water Pressure Ratio (EPWR, ru) at a particular 
PPT location is defined as already given in equation 6-1. As already discussed in Section 6.3.1, the pore 
pressure transducer PPT1, PPT2, PPT3, PPT4 PPT5, PPT6 and PPT7 are regarded as far-field PPTs, whereas 
pore pressure transducers PPT8, PPT9, PPT10, PPT11, PPT12, PPT13, PPT14 and PPT15 are regarded as 
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near-field PPTs. The readings of these pore pressure transducers are given as follows in their respective 
categories. For the evaluation of liquefaction, the suggestions made by (Beaty and Byrne, 2011) is used 
and being reproduced here. It suggests the following: 
1. ru =0, no liquefaction 
2. ru ≥ 0.7, initiation of liquefaction 
6.4.1.1. Far-field PPTs: 
It can be seen from the readings of Far-field PPTs in Figure 6-23 that the pore water pressure for these 
PPTs started increasing within few seconds of application of input motion. The pore water pressure kept 
on increasing with successive phases of the test.  
During the ‘Phase 3’ of the test, excess pore water pressure ratio (EPWR) of PPT5, PPT6 and PPT7  attained 
the value of unity. It can be noticed from the readings of PPT1, PPT2, PPT3 and PPT4 that the excess pore 
water pressure ratio (ru) did not reach the value of unity during the entire shaking event of Test 2. Hence, 
it indicates that the bottom gravel layer did not liquefy during the Test 2.   
For the PPTs placed in loose sand layer (PPT5, PPT6 and PPT7), EPWR reaches the value of unity during 
the Phase 3 of input acceleration.  It is of interest to note here that the pore pressure transducers may 
settle during the process of liquefaction as the soil settles down during its shaking and during the 
liquefaction process.  As a result the pore pressure generated near the PPT in its displaced position, can 
be higher than the effective vertical stress at its original position. Therefore, the excess pore pressure 
ratio (ru) can be seen to be slightly greater than 1 for some of the PPTs. Further, sometimes there can also 
be some spikes in the PPT readings, followed by sudden drop in pore water pressure to a slightly lower 
value (e.g. PPT5). It can happen due to (1) shaking induced densification of soil, which leads to higher 
effective overburden stress than the calculated one; (2) shear induced dilation (Wang et al., 2019; Zeghal 
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and Elgamal, 1994). Therefore, for all practical purposes, the soil was assumed to be liquefied for EPWR 
(ru) greater than 0.7.   
  
    
Figure 6-23 Pore water pressure readings obtained for Test 2 for various PPTs placed in far-field 
condition; along with input motion 
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Figure 6-24 Pore water pressure readings obtained for Test 2 for various PPTs placed in near-field 
condition; along with input motion 
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6.4.1.2. Near-field PPTs: 
The pore pressure transducers PPT8, PPT9, PPT10, PPT11, PPT12, PPT13, PPT14 and PPT15 are regarded 
as near-field PPTs as they are close to the piles and hence, the movement of piles will affect their readings. 
The readings of these PPTs  during the Test 2 duration is given in Figure 6-24. It can be observed that the 
pore water pressure kept on increasing with each successive phases of the test. Various phases of the test 
have been illustrated with the help of vertical broken lines in the figure. It can be seen from the readings 
of PPT8 and PPT9 that soil near the central  pile 1CP started liquefying (partially) in the Phase 2 of the test, 
but the full liquefaction happened (ru = 1.0) only in Phase 3 of the test, for around 10 to 20 seconds, as 
similar to Test 1. It must be mentioned here that when full liquefaction is stated, it signifies the 
liquefaction up to the point of interest (upto the elevation of PPT8 or PPT9). It is of greater significance to 
mention here that the sand boils and crater like formations could also be seen around the piles as shown 
in Figure 6-2, which supports the argument that the pore water may have escaped through the pile soil 
interface, as a result, those strong spikes could be observed in the near field PPTs.  
It can also be observed that the pore pressure ratio (ru) for the PPT9, which is placed at 550mm below the 
ground surface attained its highest value of unity due to the white noise motion of amplitude of 0.24g (3rd 
phase). Although EPWR near PPT9 reduced shortly after full liquefaction, it remained at a steady value of 
0.8-0.9 for the rest of the input motion. Hence, the loose sandy soil up to 550 mm below the ground 
surface (upto PPT9) was found to be liquefied (see Figure 6-3(d)).  As already mentioned before, assuming 
a uniform depth of liquefaction for liquefying loose sand layer, it is assumed that this soil layer had 
liquefied up to this depth of 550mm below the model ground surface (upto PPT9). Further, wherever ‘full 
liquefaction’ has been mentioned in Test 2 in this study, it is referred to the condition that the full 
liquefaction has happened up to the depth of 550 mm from the ground surface. 
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6.4.2. Accelerometers: 
6.4.2.1. Accelerometers placed inside the soil: 
The layout of all the accelerometers used inside the model soil for the Test 2, i.e. ACC1 , ACC2 , ACC3 and 
ACC4  was same as that of Test 1. The layout of these accelerometers inside the soil is already given in 
Figure 6-3(b). The acceleration time history obtained from all these accelerometers are given in Figure 6-
25.  
 
Figure 6-25 Acceleration time history of accelerometers placed inside the soil 
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Figure 6-26 Acceleration response of liquefied soil vis-à-vis its pore water pressure 
It can be observed from the acceleration record of ACC4 in Figure 6-25 that the acceleration reduced 
significantly in the ‘Phase 2’ of the test as compared that of input motion, in the shallow loose sand layer. 
It suggests that the soil surrounding ACC4  started liquefying in the Phase 2 of the test.  Further, the 
acceleration record of ACC2 in Figure 6-25 shows that the acceleration of the gravel layer gets amplified 
during the whole of input motion as this layer does not get liquefied. This kind of behavior, where the 
non-liquefying layers amplifies the input motion has been reported in many studies (Wang et al., 2019; 
Haeri et al., 2012). This happens as the gravel layer does not liquefy, however it exhibits the behavior of 
a soft soil cover, where the input motion gets amplified. It is of interest to observe the acceleration record 
of ACC3, which shows that accelerations started decreasing as soon as the soil liquefied in the 3rd phase 
of input motion. But soon after t= 170 seconds (shown by red dotted line in Figure 6-25), the acceleration 
started increasing. This behavior is commensurate with the increase and the sudden drop in pore water 
pressure in PPT5 and PPT9 as shown in Figure 6-26. The pore water pressure of PPT5, PPT7, PPT9 and the 
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acceleration record ACC3 of  are put together in Figure 6-26 to have a clear understanding of the 
underlying mechanism.  
It can be seen from the acceleration record of  ACC3 (see Figure 6-26) that the acceleration of the soil near 
this accelerometer got slightly amplified during the Phase 1 and Phase 2 of input motion. The overlying 
loose sand layer did not undergo full liquefaction upto the depth of ACC3 during these two phases. But 
this acceleration started decreasing at the advent of Phase 3, which indicates the liquefaction of 
surrounding soil. It can be easily noticed in Figure 6-26, where the input motion recorded in ACC1  is 
superimposed on the acceleration record of ACC3. On the other hand, the excess pore water pressure 
ratio of the soil near PPT5 reached a value of unity simultaneously during this time, indicating the full 
liquefaction of soil up to the depth of the pore pressure transducer, which is kept deeper than ACC3. As 
the soil loses all its shear strength at full liquefaction, the acceleration of the soil decreases. But, the 
acceleration of the soil near ACC3 started further increasing at around t=170 seconds, where the pore 
pressure of the soil also started decreasing possibly due to shear induced dilation of soil. As a result, the 
loose sand starts regaining its shear strength. Therefore, the acceleration of the soil near ACC3 increases 
as compared to that of input motion for the rest of Phase 3 and Phase 4 of the test. For all practical 
purposes, it has been presumed that overlying loose sand liquefied upto a depth of 550 mm from the 
model ground surface during this 160-170 second duration.  
Similarly, it can be observed that the acceleration of the soil near ACC4 was almost similar as that of the 
input motion for the Phase 1 of the test. But as soon as the surrounding soil liquefied in Phase 2, the 
acceleration reduced as the soil lost its shear strength. Unlike ACC3, there was no regain in acceleration 
for ACC4 ,after the acceleration had reduced due to liquefaction.  It can also be validated by the readings 
of PPT7, which does not show the dilatancy induced decrease in pore water pressure. Further, the top 
surface soil of loose sand layer remained liquefied throughout the Phase 2, Phase 3 and Phase 4 of the 
test.                           
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6.4.2.2. Accelerometers placed on the piles: 
Accelerometers ACC5 , ACC6, ACC7 and ACC8 were placed on the pile caps of 1LAP, 1LP, 1CP and 2CP (see 
Figure 6-3(c)) respectively to measure the acceleration response of the piled supports. The acceleration 
responses of different bridge supports are plotted in Figure 6-27 along with the time history of the input 
motion (ACC1). It can be observed from the figure that the accelerations observed at all these pile caps 
show higher or similar value as compared to that of the input motion, before the liquefaction (Phase 1 
and Phase 2 of the test). This happens as the soil has its adequate shear strength to transmit the waves 
coming from the bottom of the tank. But as the soil liquefaction happens(during and after the third phase 
of the test), the acceleration at the pile caps did not increase much as compared to that of the table input 
motion, which kept on increasing. As the soil liquefaction happened in the test, the acceleration response 
of the piled support either remained the same as that of before liquefaction or reduced by a slight margin. 
This can happen as much of the motion do not get transferred to the structure due to the higher damping 
exerted by the liquefied soil. 
 
 
Figure 6-27 Acceleration time history of pile caps of various model bridge supports along with input 
motion 
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The readings of the accelerometers placed on the piles can be a valuable input to estimate the dynamic 
characteristics of those piles. These acceleration time histories are further processed to estimate the 
natural frequency of various bridge supports. The procedure followed is explained in the next section. 
6.4.2.3. Natural frequency of bridge supports estimated from acceleration values: 
The methodology of Short-time Fourier transform (STFT) has been used in this study to estimate the 
natural frequency of various piled support at different instances of time.  The details of the methodology 
of STFT  has already been described in Section 6.3.2.3 of Test 1. The transfer functions between different 
signals recorded on different components of the model are used for evaluating the system response of 
the bridge supports. The transfer functions are evaluated through the Matlab command ‘tfestimate’.  
The above methodology is used to estimate the system response of various bridge supports and is defined 
as follows: 
1) System response of the abutment pile group, having pile 1LAP is evaluated by finding out the 
transfer function between the accelerogram at its pile cap (ACC5) and that of the input, given at 
the bottom of the soil tank (ACC1).  
2) System response of the intermediate bridge supports having piles 1LP and 1CP are evaluated by 
finding out the transfer function between the corresponding accelerograms at their pile cap and 
that of the input. 
This above methodology allows the estimation of natural frequency of the piled supports of 1LAP, 1LP and 
1CP and 2CP at different intervals of time. For this process, the total time history of 315 seconds was 
divided into 42 sections; each of 7.5 seconds with no overlap between any two consecutive sections. It 
has been decided as per the following criterion: 
 273 
 
1) This block of 7.5 seconds time duration was decided in such a way that all the modes of interest 
are sufficiently excited. Usually given a time window that is T seconds long, the minimum 
frequency that can be resolved is 1/T Hz. Hence, with a signal length of 7.5 seconds, the minimum 
frequency that can clearly resolved is 0.133 Hz. As the signal frequency below 0.26 Hz is regarded 
as noise for the accelerometer data (see Section 5.7.1 in the previous chapter for further details), 
this signal length of 7.5 seconds can be aptly used for STFT. 
2) Further, as the soil-structure interaction behaviour in liquefied soil is a highly nonlinear problem, 
the time duration for each block (known as time resolutions) should be such that the soil-pile 
system remains linear during that time; in other words, the transfer function should be linear 
during that time. The nonlinearity of a relationship between an input signal and an output signal 
can be conveniently evaluated by the MATLAB command of ‘isnlarx’. Once the complete input 
and corresponding output signals were divided into blocks of 7.5 seconds, the linearity of the 
transfer functions were verified with the help of MATLAB code. 
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Figure 6-28 Variation of natural frequency of various bridge supports during the course of liquefaction: 
(a) Waterfall plot of natural frequency vs time for bridge support 1CP; (b) Waterfall plot of natural 
frequency vs time for bridge support 1LAP; (c) Change of natural frequency of different piled bridge 
supports; (d) Input motion; 
 
Central Pile (1CP): 
It can be observed from Figure 6-28 (a) that the natural frequency of the bridge support having central 
pile 1CP was around 3.5 Hz during the Phase 1 of the test. This can be compared with the initial natural 
frequency of 5.9 Hz of 1CP in the Test 1. It is of interest to note here that in this phase, the natural 
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frequency of the pile increased by a small extent as the surrounding soil got densified due to the shaking. 
Further, the natural frequency in various blocks are listed in Table 6B-2, given in Appendix 6-B. It can be 
observed that the natural frequency of this bridge support started decreasing and attained its lowest value 
of 1.2 Hz at around 160-170 seconds. It may have happened as the full liquefaction upto the depth of 550 
mm from the ground surface was achieved near around this time. This can be compared with the lowest 
natural frequency of 1.96 Hz of 1CP in the Test 1. It also suggests the proposition that the higher intensity 
of shaking in Test 2 might have increased the depth of liquefaction by a small extent.  
The reduction in the natural frequency of different piles is represented in terms of fn/fni  (where fn= natural 
frequency estimated for a particular time duration; fni = initial natural frequency estimated for time 
duration 0-7.5 seconds) in Figure 6-28 (c). It gives an idea about the reduction of the initial natural 
frequency at any particular time duration. It also briefly denotes about what happens to the natural 
frequency of the pile when the liquefaction happens in the soil. It can be observed in Figure 6-28 (c) that 
during the Phase 1 of the test, the natural frequency of the pile 1CP increased by about 20% as the 
surrounding soil densified, rendering the pile to be stiffer. But as soon as the full liquefaction is reached 
at around 160-170 seconds,  the natural frequency of the pile drops to 40% of its initial value. It may have 
happened as the magnitude of acceleration increased in subsequent phases of the test, the excess pore 
water pressure started increasing for various depths of soil, subsequently the depth of liquefaction kept 
on increasing. It is of interest to note here that the lowest natural frequency of 1.2 Hz was predominant 
just around the time when the top loose sand fully liquefied up to the depth of 550 mm. Further, it can 
also be observed that the natural frequency of central pier started increasing to some extent thereafter.  
This can be attributed to the dilatancy and consequently strain hardening of the liquefying loose sand 
layer. 
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Abutment Pile (1LAP) and Intermediate pile (1LP): 
Similarly, for the abutment 1LAP, the natural frequency started decreasing as the soil started liquefying 
from the top surface. It can be observed from Figure 6-28 (b) that the abutment 1LAP had the initial 
natural frequency of 3.9 Hz, but it reduced to the lowest value of 2.3 Hz at around 150-170 seconds, just 
about the time when central bridge support attained its lowest frequency. It can be compared with the 
lowest natural frequency of 2.34 Hz of 1LAP for the Test1. It suggests that the possibility of lowering of 
depth of liquefaction as discussed in the previous section, may not have any impact on pile group, which 
has higher lateral stiffness as compared to the single piled supports. Moreover, the intermediate bridge 
support having pile 1LP had the initial natural frequency of 3.2 Hz and it reduced to its lowest value of 
1.172 Hz at around 160-170 seconds. It can also be seen in Figure 6-28 (c) that  the natural frequency of 
1LAP reduced by around 35% at full liquefaction, whereas the natural frequency of the intermediate pile 
(1LP) reduced by about 65% at full liquefaction. It can be noticed that various supports of the model bridge 
attained their lowest natural frequency just around the same time. It is of interest to note here that for 
all these monitored piles, the lowest frequency has been found for a time duration, hence the exact time 
of lowest natural frequency has not been found out.  
It can be observed that the abutment 1LAP and the intermediate bridge supports having piles 1LP and 1CP 
had similar initial natural frequency during the first phase of loading (3.9 Hz and 3.5 Hz respectively), as 
the whole bridge started moving as one whole system. Due to the small value of displacement being 
applied and small inherent friction of the system, the whole bridge system could still behave as linearly 
elastic during Phase 1 of the test. It can also be possible due to the deck to deck interaction, which has 
already been mentioned in the previous Section 6.3.2.3 in this chapter. But as the magnitude of 
acceleration of the white noise motion started increasing, the system entered into the nonlinear region 
consequently and hence, all the piled supports started showing different natural frequencies. The central 
pile 1CP exhibited the lowest natural frequency among all the instrumented piled supports at full 
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liquefaction.  It may have happened as the maximum depth of liquefaction was achieved in this phase of 
the test, rendering different lengths of individual piled support unsupported. As the central bridge support 
1CP had the maximum unsupported length of pile at full liquefaction among all other supports, it could 
be observed that it also had the lowest natural frequency. It must be emphasized that in a prototype 
bridge, this difference in natural frequency of two consecutive supports at full liquefaction can be quite 
large, depending upon their respective soil supports.   
 
6.4.3. Potentiometers: 
The lateral displacements of the piled supports were measured with the help of string potentiometers. 
One of the ends of string potentiometer was tied to the pile cap and the other end was installed in a fixed 
frame outside the shaking table to measure the absolute displacements. The layout of all the string 
potentiometers is same as that of Test 1. The potentiometers DT1, DT2, DT3, DT4 were installed at various 
decks of the bridge to measure their relative displacements and DT5, DT6, DT7 and DT8 were installed at 
the pile caps of 1LAP,1LP, 1CP and 2CP to measure their absolute displacement respectively (see Figure 
6-29). The readings of the potentiometers placed on the decks and on the pile caps are given in Figure 6-
30 and Figure 6-31 respectively. It is evident that the readings of the potentiometers have two 
components; residual displacement (monotonic component) and cyclic displacement. The residual 
component of the lateral displacement has been delineated with the help of filtering in Figure 6-32, and 
the cyclic component has been delineated in the Figure 6-33. These are explained in the next section in 
detail.  
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Figure 6-29 Layout of all the potentiometers  
      
Figure 6-30 Readings of the potentiometers used for measuring relative displacements 
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Figure 6-31 Readings of the potentiometers used for measuring absolute displacements of the piled 
bridge support 
 
                              
Figure 6-32 Residual component of the lateral displacement of piles along with the pore water 
pressure readings of surrounding soil and input motion 
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Figure 6-33  Comparison of cyclic displacement of 1CP and 1LAP  
 
Potentiometers connected to bridge support without any deck (2CP): 
The wire potentiometer DT8 was placed on top of the pile cap of 2CP, which did not have any deck on top 
of it. It can be noticed from the Figure 6-31 that the bridge support 2CP had very less lateral monotonic 
displacement and its displacement was mainly composed of its cyclic component. It can be observed that 
it had very less lateral displacement (cyclic displacement in this case) in the Phase 1 of the test. It can be 
possible as there was no lateral spreading of soil during the Phase 1 of the test. As the liquefaction of the 
shallow layers of sandy soil started in the 2nd Phase of the test, it started having lateral displacement of 
the order of 6-7mm in this phase. It may happen as the liquefaction of the shallow layer started during 
this time (as can be verified from PPT7 readings, ref. Figure 6-18). Further, during the advent of full 
liquefaction for 160-170 seconds, the lateral displacement of the pile increases to the order of 10-11mm 
(marked by broken red lines), when the full liquefaction happened up to the depth of 550 mm. It is 
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interesting to see this lateral displacement started decreasing after the initial surge in the lateral 
displacement in the Phase 3. It may have happened as the pile bounces back after full liquefaction as 
discussed previously for the Test 1.  
Potentiometers connected to Abutment support: 
It can be noticed from the Figure 6-31 and 6-32 that the piled abutment 1LAP  had very less residual 
displacement (monotonic component of the displacement ) in the first two phases of the the test. It can 
be possible due to the inherent higher lateral stiffness of the pile group. In addition, there was no lateral 
spreading of soil as the liquefaction of overlying sand layer did not happen in the Phase 1 of the test. The 
mean level of the lateral displacement remained almost at zero during these first two phases. Although 
liquefaction of the shallow layers of sandy soil started in the 2nd phase of the test, the pile group was quite 
stiff to avert the effect of lateral spreading caused by the liquefaction of shallow soil layers. But once the 
overlying sandy soil completely liquefied upto the depth of 550 mm and started spreading laterally in the 
third phase of loading, the residual lateral displacement of this piled support increased to nearly 1mm 
towards the end of the tests. This can be possible due to inherent higher stiffness of the pile group. On 
the other hand, it can also be possible as the upper loose soil could also have densified during the Test 1. 
Potentiometers connected to Intermediate support (1LP) and Central pile (1CP):  
It can be observed from Figure 6-31 and Figure 6-32 that  that during the initial few seconds of Phase 1 of 
the test, the intermediate piles 1LP and 1CP had very less displacement. But as the shallow layers of soil 
started liquefying during the Phase 2 of the test, the single piles 1LP and 1CP started having small lateral 
displacement in the Phase 2, although abutment piled support 1LAP had almost zero mean displacement 
during this phase. During the course of third phase of the test, the lateral displacement of 1LP increased 
to almost 2 mm and it further increased to around 3-4 mm during the final phase of the test (see Figure 
6-32).  This can be attributed to the lateral spreading of soil for pile resting in the sloping ground. 
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Moreover, it is interesting to note the drop in the residual lateral displacement at around 180 seconds as 
the pile bounces back after full liquefaction.  
On the contrary, the central pile 1CP had level ground profile, which rules out the effect of lateral 
spreading on the pile. Hence, only the cyclic component of its displacement has been compared with the 
displacement of other bridge supports in Figure 6-33 and is being described in this next section.  
Cyclic displacement of piles: 
As it has been hypothesised that the central piles, owing to enhanced flexibility due to liquefaction, tend 
to deflect more as compared to other bridge supports, it was decided to compare the cyclic component 
of the displacement for the abutment pile, intermediate pile and the central pile of the model bridge. The 
cyclic displacements of all three piles have been obtained by ‘highpass’ filtering the potentiometer data 
with a cut-off frequency of 0.2 Hz and the same have been plotted in Figure 6-33. It can be observed that 
as the full liquefaction happened for 160-170 seconds duration, the cyclic displacement of the central pile 
1CP became higher as compared to that of the abutment support 1LAP and intermediate pile 1LP. 
Although the difference in the cyclic displacement of both the piles was in the order of 2-3mm, it can be 
appreciated that the such a difference in displacement was exhibited for the scaled down model test, 
where the difference in unsupported length across two different bridge supports is quite less as compared 
to that of a real field scenario. This effect can be magnified for a scaled up test/real field case. 
 
6.4.4. Strain gauge (Bending moment): 
6.4.4.1. Central Pile 1CP and 2CP:  
The depth of various strain gauges from the pile cap has been denoted in the Figure 6-34 (a)and the strain 
gauge locations are being numbered as S6, S5, S4, S3, S2 and S1 from the top to tip of the pile respectively. 
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The bending moments at various sections of the central pile 1CP  is given in Figure 6-34(b). It can be seen 
that for the strain gauge pair at S5, S4 and S3 which are placed at a higher elevation as compared to other 
strain gauges, the bending moment in the pre-liquefaction phase is higher as compared to the others due 
to the higher inertial load owing to lesser damping of non-liquefied soil.  It can also be observed that the 
bending moment for sections S5, S4 and S3 reaches its maximum value during the process of liquefaction. 
In fact, the bending moment for the pile 1CP attained its maximum value at the section S5 during this time 
(t=162 seconds). From the estimated bending moment time histories at different sections, the time 
instance of maximum bending moment is identified, which happened at around 162 seconds for the 
section near S5.  The bending moment at other sections of the pile at the same time instance been plotted 
in Figure 6-34(c).  All the bending moment values are plotted in their absolute values for the sake of 
comparison. Further, a polynomial equation of 5th order has been fitted for the distribution of bending 
moment in the pile at various sections at the time of maximum bending moment. It is interesting to note 
here that the location of maximum bending moment is more towards pile cap, rather than at the interface 
of liquefied and non-liquefied soil layer, for the central piles.  
Once the liquefaction has occurred, the higher bending moment for the strain gauges located outside of 
the soil and at shallower layers of soil, e.g. S5 reduces. But for the strain gauges placed deeper inside the 
soil, e.g. S1 and S2, the bending moment kept on increasing as the input acceleration was increased. 
However, the increase in the bending moment values near S3 and S2 may have happened due to 
successive increase in kinematic loading from the soil. This kind of variation of bending moment along 
with pile section was also detected for central pile 1CP in Test 1.  
It can be understood in the light of above observations that the increased flexibility of the pile due to the 
decrease in its natural frequency induces higher bending moment in the pile at a higher elevation, not 
necessarily at the interface of the liquefiable and non-liquefiable soil layer. 
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Further the time history of bending moment of pile 2CP  of Bridge 2 is compared with the bending moment 
of pile 1CP in Figure 6-34 (d). The depth of a particular strain gauge location from the bottom of the pile 
cap has been denoted in the legend of the graph.  It can be seen that the pile 2CP had little higher bending 
moments in all the phases of the test although the acceleration at the pile cap of 2CP was less than that 
of the 1CP after liquefaction. It can be explained by the fact that the pile 2CP had more lateral 
displacement as compared to that of the pile 1CP during all the phases of test, as a result the curvature of 
the former was higher than that of the latter. It could be possible as the lateral displacement of the pile 
2CP was not constrained due to the stiff deck.  It is of interest to note the surge in the bending moment 
during the process of liquefaction (t=160-170 seconds) for the pile section at 850 and 950 mm from the 
pile cap in Figure 6-34 (d)(shown in broken rectangles in black), which indicates the higher bending 
moment in the pile 2CP due to higher deflection demand during the process of liquefaction. It is generally 
caused due to increased flexibility of pile owing to liquefaction in the surrounding soil.  
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Figure 6-34 (a)Location of strain gauges in pile 1CP; (b) Time history of bending moment at various 
sections of the pile 1CP with the input motion; (c) Fitting curve for bending moment distribution at 
different sections of pile; (d) Comparison of bending moment for 1CP and 2CP piles 
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Figure 6-35 (a)Location of strain gauges in pile 1LP; (b) Time history of bending moment at various 
sections of the pile 1LP with the input motion; (c) Fitting curve for bending moment distribution at 
different sections of pile; (d) Comparison of bending moment for 1LP and 2LP piles 
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6.4.4.2. Intermediate Pile 1LP and 2LP:  
The bending moments at various sections of the intermediate pile  1LP  is given in Figure 6-35 (b). It can  
be observed that the higher bending moment at strain gauge pair at S3, S4 and S5 in pre-liquefaction 
phase (Phase 1 and Phase 2), can be attributed to the higher acceleration at  the pile cap due to less 
damping of the non-liquefied soil. But the effect of this higher bending moment is less for the strain 
gauges, S1 and S2 for the first phase of test. As the gradual liquefaction in Phase 2 and the full liquefaction 
during Phase 3 happens in the soil, the bending moment for sections S5 and S4 reduces after reaching a 
peak. This peak of bending moment is achieved during the process of liquefaction (at t=162 seconds), as 
indicated by the broken red rectangle window. But for the strain gauges placed deeper inside the soil, e.g. 
S2  the bending moment kept on increasing in the Phase 4 of the test due to lateral spreading of soil.  
From the estimated bending moment time histories at different sections, two critical bending moment 
profiles were identified, one during the process of liquefaction at around t=162 seconds and one at the 
time of lateral spreading at t=280 seconds.  The bending moment at all the sections of the pile at these 
two time instances has been plotted in Figure 6-35(c). All the bending moment values are plotted in their 
absolute values for the sake of comparison. Further, a polynomial equation of 5th order has been fitted 
for the distribution of bending moment in pile  at the time of maximum bending moment in the pile. It is 
interesting to note here there are two maximas of bending moment in this fitted curve during the process 
of liquefaction (transient process); one near to the interface of liquefied-nonliquefied soil layer and the 
other one more towards the pile cap. However, much later during the lateral spreading phase, the maxima 
of bending moment lies near to the interface of liquefied-nonliquefied soil layer.  
It can therefore be deduced that before the full liquefaction happens, the inertial load due to 
superstructure has a higher impact on the bending moment of the pile section in the shallower depth of 
soil. But as soon as soil liquefaction process is initiated, the higher bending moment is induced in the 
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upper section of the pile , rather near the interface of non-liquefiable and liquefiable layer. After the full 
liquefaction happens up to its maximum depth, higher bending moment is observed near to the interface 
of liquefied-nonliquefied soil layers due to lateral spreading of soil.  
Further the time history of bending moment of pile 2LP  of Bridge 2 is compared with the bending moment 
of pile 1LP in Figure 6-35(d). It can be seen that the pile 2LP had little higher or similar bending moment 
values in all the phases of the test. It can be explained by the fact that the pile 2LP might had more lateral 
displacement as compared to that of the pile 1LP (which was not measured in the test), as a result the 
curvature of the former was higher than that of the latter.  
6.4.4.3. Abutment pile 1LAP and 2LAP:  
The bending moments at various sections of the abutment pile 1LAP  is given in Figure 6-36(b). It can  be 
observed that the bending moment at strain gauge pair at S3 and S5 in pre-liquefaction phase (Phase 1 
and Phase 2)were higher due to the higher acceleration at  the pile cap due to less damping of the non-
liquefied soil. But the effect of this higher bending moment is less for the strain gauges, which are deep 
inside the soil. Hence, there is less bending moment for the pile section at S2 and S1 for the first phase. 
Once the liquefaction starts happening slowly from the Phase 2, the higher bending moment for the strain 
gauge locations in shallow layers of soil, e.g. S5 and S3 reduces after reaching a local peak in this phase. 
But for the strain gauges placed deeper inside the soil, e.g.  S2  the bending moment kept on increasing in 
the Phase 4 of the test due to lateral spreading of soil. It can therefore be deduced that before the full 
liquefaction, the inertial load due to superstructure has a higher impact on the bending moment of the 
pile section in the shallower depth of soil. But for the abutment piles, higher bending moment is observed 
near to the interface of liquefied-nonliquefied soil layers due to lateral spreading of soil after the full 
liquefaction.  
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From the estimated bending moment time histories at different sections, the time instance of maximum 
bending moment is identified, which happened at around 267 seconds for the pile section near S2.  The 
bending moment at other sections of the pile at the same time instant has been plotted in Figure 6-36(c). 
All the bending moment values are plotted in their absolute values for the sake of comparison. Further, a 
polynomial equation of 4th order has been fitted for the distribution of bending moment in pile  at the 
time of maximum bending moment.  It is interesting to note the maximum bending moment in the pile is 
observed near the interface of liquefied-nonliquefied soil layer in the fitted curve as well. 
Further the time history of bending moment of pile 2LAP  of Bridge 2 is compared with the bending 
moment of pile 1LAP in Figure 6-36 (d). It can be seen that both the pile 2LAP had little higher bending 
moments or similar bending moment in all the phases of the test. It can be explained by the fact that the 
pile 2LAP might had more lateral displacement as compared to that of the pile 1LAP, as a result the 
curvature of the former was higher than that of the latter.  
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Figure 6-36 (a)Location of strain gauges in pile 1LAP; (b) Time history of bending moment at various 
sections of the pile 1LAP with the input motion; (c) Fitting curve for bending moment distribution at 
different sections of pile; (d) Comparison of bending moment for 1LAP and 2LAP piles 
 
 
6.5. Summary  
An experimental investigation on a model simply supported bridge is carried out in the shaking table to 
verify the mechanisms behind the midspan collapse of pile supported bridges in liquefied soil. The design 
of model simply supported bridge was inspired from the prototype Shengli bridge of China. It was 
constructed in a stratified soil with the loose sand layer overlying the non-liquefying dense gravel layer. 
Two number of tests were carried out. The white noise motion of increasing amplitude was used as input 
motion for the tests to liquefy the soil.   
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The following salient points have been concluded from the current study: 
(1) The natural frequency of the pile supported bridge piers reduces as the liquefaction sets in. As 
the depth of liquefaction increases for the surrounding soil gradually, the natural frequency of the 
pier reduces progressively. The bridge supports attain their lowest natural frequency near around 
the time of full liquefaction.  
(2) Due to the inherent differential stiffness of the bridge piers due to its river profile, the piers may 
have differential reduced natural frequency at the time of full liquefaction. This may impose 
differential lateral displacement demand and differential bending moment demand on 
consecutive piers. Hence, all the piled bridge supports must be assessed for their critical condition 
during liquefaction individually. 
(3) The piles founded in the sloped portion of the river cross section can have higher bending moment 
demand due to the lateral spreading of soil. In such a case, the maximum bending moment in the 
pile may occur near the interface of liquefied-nonliquefied soil layer.  But piles of central piers and 
its adjacent piers can have higher bending moment demand due to the increased flexibility on 
account of liquefaction in soil. In such a scenario, the maximum bending moment in the pile will 
occur at a higher elevation, as compared to that of the interface of soils of varied stiffness.  
(4) As a result, the location of plastic hinge may change for different piles of the bridge, depending 
on its location with respect to the river cross section. As per the current practice adopted, the 
plastic hinge in the pile is usually considered near the pile cap, or at the interface of liquefied-
nonliquefied soil layer.  
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Chapter 7 : Conclusion, design recommendations and future scope of work 
 
 
7.1 Introduction: 
The study presented in this thesis aimed at understanding the mechanisms behind the midspan collapse 
of pile supported bridges and to investigate the change in the dynamics of pile supported piers of such 
bridges during the process of liquefaction. The research consisted of four major components: 
• Comprehensive literature review about the behavior of piles and pile supported bridges in case of 
liquefiable soil deposits. 
• Propose an analytical formultion to explain the midspan collapse of pile supported bridges in liquefied 
soil with the help of simplified calculations.  
• Extensive case studies of failure of various pile supported bridges due to liquefaction. These case 
studies included the complete study of 7 pile supported bridges for their failure in various different 
earthquakes across the globe.  
• Shaking table tests on scaled down model simply supported bridges to validate the findings of the 
analytical formulations and to understand the change in the dynamics of individual bridge supports. 
7.2 Conclusions: 
The mid span collapse of the bridge could not be achieved due to ‘actual’ resistance of the bridge for 
lateral displacement was found to be higher than the ‘design’ resistance of the bridge due to the presence 
of stiff deck ‘coupling’ or ‘deck-to-deck’ interaction effect (explained in Chapter 6). However, the various 
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design parameters were measured through the course of the tests to investigate any indication which 
may lead to midspan collapse of the bridge. The following main conclusions drawn from the research has 
been categorized as follows: 
7.2.1 Failure of piles due to the effects related to elongation of natural period 
It has been proved through analytical expressions in Chapter 3 that the natural period of the pile 
supported piers of a bridge elongate due to the liquefaction in soil, as the unsupported length of the pile 
increases. In such a scenario, the central pier of the bridge has the higher natural period as compared to 
the others. It induces higher displacement demand on the central piers as compared to its adjacent ones. 
As a result, the central spans get unseated due to the differential displacement demand on the piers, 
owing to liquefaction in soil. 
7.2.2 Failure mechanisms of pile supported bridges in liquefied soil: 
The case studies of failure of various pile supported bridges in different earthquakes ranging from 1964 
to 2010 have been reported in Chapter 4. It has been found that in case of liquefaction in soil, the bridges 
can become susceptible to various failure mechanisms at the same time. The actual governing failure 
mechanism can be a combination of these failure mechanisms.  
7.2.3 Design limit on the natural period of piers at full liquefaction: 
It has been learnt through the case studies reported in Chapter 4 that the elongation of natural period of 
the piers can induce a higher displacement demand on the pile, which affects the ultimate limit state of 
the pier and may make the span collapse. Therefore, the natural period of different piers of the bridge 
should be evaluated for both pre and post liquefaction condition. The elongation of natural period of the 
piers at full liquefaction condition should not be allowed to increase beyond the value of ‘1.9’as compared 
 298 
 
to that of before liquefaction condition, otherwise the displacement demand on the pier cap can increase 
exponentially.  
7.2.4 Differential displacement demand on piles: 
It has been found that different piers of a bridge can respond differently during the liquefaction in soil. 
The flexible central and intermediate piles were found to have higher cyclic lateral displacement as 
compared to the abutment piles, and this difference in cyclic displacement of adjacent piers can increase 
with the increase in the depth of liquefaction. So, the increase in the flexibility of bridge piles due to 
liquefaction should be inculcated in the design calculation of seating length for a pier. 
7.2.5 Location of maximum bending moment in various bridge supports 
It has been found through the shake table tests on the model bridge that the location of maximum 
bending moment can vary for different bridge supports. The abutment piles, which suffer from lateral 
spreading of soil, have their maximum bending moment located close to the interface of liquefied-
nonliquefied soil. This maximum bending moment happens during the lateral spreading of post 
liquefaction phase. On the contrary, the central piles, which has the least effect of lateral spreading, have 
their maximum bending moment located at a higher elevation as compared to that of the interface of 
liquefied-nonliquefied soil. This bending moment occurs during the transient process of liquefaction (few 
seconds before the full liquefaction occurs upto its the maximum depth). However, for the intermediate 
piles, two maximas of bending moment should be considered, one near to the interface of the of liquefied-
nonliquefied soil, at the time of lateral spreading, and the other at a higher elevation than this interface, 
during the transient process of liquefaction. It will help to decide about the location of plastic hinges in 
the piles for extreme loading due to liquefaction.  
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7.3 Recommendations: 
7.3.1 1g shake table studies: 
1-g shake table test is a quite useful tool for generating the physical data about the dynamic behavior of 
soils, structure and that of the soil-structure interaction. These data can be an invaluable tool to validate 
the findings of future researchers regarding the behavior of piles in liquefied soil. The series of the tests 
presented in this study included 2 tests on fully instrumented model simply supported bridges. Each of 
the tests used around 115-120 number of sensors (including strain gauge, accelerometers, pore pressure 
transducers, wire potentiometers), where each of the sensors produced around 65000 numbers of data 
for each of the test for a duration of 315-350 seconds. This large database has been now put on the web 
so that it can be used by other researchers to validate their findings.  
7.3.2 Susceptibility of pile supported bridge piers to fail in soil liquefaction: 
The flexible piers of pile supported bridges can fail in various modes in liquefied soil. It can range from 
bending failure due to lateral spreading of soil, settlement failure due to reconsolidation of soil 
surrounding the pile, shear failure due to higher shear imparted from the superstructure to the piles, 
buckling failure due to higher unsupported length of pile and associated imperfections and due to the 
effects related to the elongation of natural period of the pier due to the process of liquefaction. Simplified 
methodologies have been adopted in the Chapter 4 to check the susceptibility of various bridges to fail 
during the liquefaction caused by the past earthquakes. These methodologies can be used by bridge 
designers to run a quick check on the design of pile foundations in liquefiable soil deposits. 
 300 
 
7.3.3 Natural period of pile supported piers: 
 It has been shown through analytical simplified calculation and through the shaking table tests that the 
natural period of pile supported piers elongate during the process of liquefaction. In such a scenario, the 
central piles of the bridge have the higher natural period (lower natural frequency) as compared to other 
piers. In Chapter 6, it has been also validated that this effect induces higher displacement demand on the 
central pile as compared to the other piers. Hence, it has been recommended that the ratio of natural 
period of the pier at full liquefaction to that of before liquefaction (Tpost/Tpre ) should be kept at a value 
lower than 1.9, so that the displacement demand at the pile at full liquefaction does not increase 
exponentially as compared to that of before liquefaction.  On other hand, the middle piers of the bridge 
can be made stiffer by putting additional piles for its foundation, which can prevent them from becoming 
quite flexible as compared to the other piers in case of liquefaction in soil. It can also be possible to put in 
place a continuous bridge deck or girder for the middle span and its adjacent spans, which can prevent 
these spans from getting unseated from the middle piers.  
7.3.4 Plastic hinge location in bridge piles: 
It has been found from the scaled down shake table tests that the plastic hinge location of piles of different 
piers of the bridge can vary, depending upon its relative location with respect to the end abutments. For 
the piles of the end abutments, the point of maximum bending moment in the pile lies close to the 
interface of liquefied-nonliqufied soil as the lateral spreading is the primary cause of failure for them. 
However, for the central piles the point of maximum bending moment lies at a much higher elevation as 
compared to that of the interface of liquefied-nonliquefied soil. Hence, the location of a plastic hinge can 
change substantially for different piers of the bridge, depending upon its location from the end 
abutments. Further parametric studies are needed to quantify the exact location of plastic hinges for 
different piles of the bridge.  
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7.4 Future scope of work: 
1. The analytical formulation proposed in Chapter 3 does not inculcate the soil damping ratio, 
surrounding soil stiffness values, possible rotational springs of the pile etc. Further research can 
be carried out to observe how the aforementioned parameters can affect the overall design 
values of natural period of the piers.  
2. It has been established through this study that the reduction in natural frequency of the pile 
supported piers increases displacement demand at the pile cap, which may unseat the central 
spans. However, the second order effect (P-delta effect) has not been taken into consideration 
while estimating the natural period of piers in the simplified analysis carried out in this study. It is 
of importance to note here that the nonlinear complex P-delta effect, can reduce the lateral 
stiffness of the pile significantly. 
3. The current experimental study does not take the effects of bearings of the bridge into 
consideration. The future work may see the impact of various bearings on the behavior of 
individual piles in case of liquefaction in soil.  
4. The abutment in this study was replaced with a pile group to represent the higher lateral stiffness 
of it. However, the abutment can also be replaced with the model wingwall and breast/retaining 
wall. It can help to further study about the impact of the earth pressures on these abutment walls 
during liquefaction. The effect of liquefaction on the back rotation of abutment can also be 
studied through the model. 
5. The effect of pile pinning effect of abutment pile groups on the side embankment is not studied. 
It can also be included in the further research.  
6. Numerical simulation of the behavior of different pile supported piers in case of liquefied soil can 
be carried out in the light of current research. The experimental data obtained from this study 
can be used to validate the numerical model. Further parametric study can be carried out in that 
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numerical model to understand the effect of various design parameters on the behavior of piles 
in liquefied soil. 
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Appendix 2-A 
 
 
The p-y curve of soil is an estimation of the soil resistance as a function of the pile deflection. The 
formulation given by  Matlock (1970) has been used for estimating p-y curves in soft clay. Similarly, 
the formulation given by Reese, Cox and Koop (1975) has been used for estimating p-y curves in stiff 
clay. For the sand, the formulation prescribed by API (2007) has been popularly used. The design of p-
y curve  only for the sandy soil is being given here for the example purpose.  
 
Step-1: Estimate the ultimate lateral load capacity of the pile with the help of following formulations. 
𝑝
𝑢𝑠
= (𝐶1𝐻 + 𝐶2𝐷) 𝛾𝐻         Equation 1 
𝑝
𝑢𝑑
= 𝐶3 𝐷𝛾𝐻          Equation 2 
  
𝑝
𝑢𝑠
 = ultimate resistance of pile (kN/m) 
𝛾 = effective unit weight of soil (kN/m3) 
H = Depth  (in m) 
∅′ = Angle of internal friction of sand, degrees 
C1, C2, C3 = Coefficients determined from Figure 2-A-1 
D = Average diameter of pile from surface to depth (m) 
 
Figure 2-A-1 Coefficient as a function of ∅′ (derived from (API, 2007)) 
The p-y curve can be evaluated as below: 
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𝑝 = 𝐴𝑝𝑢 𝑡𝑎𝑛ℎ [
𝑘𝐻
𝐴𝑝𝑢
𝑦]         Equation 3 
 
A  = Factor to account for cyclic or static load  
 = 0.9 (cyclic loading) 
 = 3.0 − 0.8 
𝐻
𝐷
    ≥ 0.9   for static load  
pu = ultimate lateral load capacity at depth H (kN/m) 
k = initial modulus of subgrade reaction, to be determined from Figure 2-A-2 
 
Figure 2-A-2 Initial modulus of subgrade reaction as a function of relative density and angle of internal 
friction 
Once initial modulus of subgrad reaction is determined from Figure 2-A-2, its value in lb/in3 is 
converted to kN/m3 as per the following.  
1 lb/in3 = 27679.90 kg/m3  = 276800 N/m3 =276.8 kN/m3 
y = lateral deflection  (m) 
H = depth (m) 
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Appendix 2-B 
 
 
Japanese code of practice JRA 1996, 2002 
The following provisions are used for evaluating the force due to lateral spreading of soil in the code 
of practice of Japanese Road Association.  
For liquefying soil layer at the ground surface: 
 
𝑞𝑁𝐿 = 𝑐𝑠 × 𝑐𝑁𝐿 × 𝐾𝑝 × 𝛾𝑁𝐿 × 𝑥   (0 ≤ 𝑥 ≤ 𝐻𝑁𝐿)   --Equation 1 
𝑞𝐿 = 𝑐𝑠 × 𝑐𝐿 × [(𝛾𝑁𝐿 × 𝐻𝑁𝐿 + 𝛾𝐿 × (𝑥 − 𝐻𝑁𝐿)]   (0 ≤ 𝑥 ≤ 𝐻𝑁𝐿) --Equation 2 
 
qNL= force due to lateral spreading per unit area (kN/m2 ) acting on a structural member  in a non-
liquefying layer at the depth x (m) 
qL= force due to lateral spreading per unit area (kN/m2) acting on a structural member in a liquefying 
layer at the depth x (m) 
cs=Modification Factor on distance from the water front and decided as per Table 1 
 
Table 1: Modification Factor cs on distance from the water front 
Distance from water front (m) Modification factor cs 
s≤50 1 
50<s≤100 0.5 
100<s 0 
 
cNL= Modification Factor of the lateral movement force in a non-liquefying layer 
cNL shall be a value taken from Table 2, according to liquefaction index PL obtained from the following 
equation 
 𝑃𝐿 = ∫ (1 − 𝐹𝐿)(10 − 0.5𝑥)𝑑𝑥
20
0
      --Equation 3 
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Table 2: Modification Factor cNL of lateral movement force in non-liquefying layer 
Liquefaction index (PL)(m2) Modification factor cNL 
PL ≤5 0 
5< PL ≤20 (0.2 PL-1)/3 
20< PL 1 
 
cL=Modification factor of the lateral movement force in a liquefying layer (can be taken as 0.3)  
Kp=Passive earth pressure coefficient (in normal condition)    
γNL=mean unit weight of a non-liquefying layer (kN/m3) 
x=Depth from the ground surface (m)  
HNL=Thickness of liquefying layer (m) 
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Appendix 2-C 
 
Methodology to determine settlement of pile due to reconsolidation of liquefied soil (Ishihara and 
Yoshimine, 1992): 
 
Figure 2-C-1: Empirical relationship between FoS for liquefaction and post liquefaction volumetric strain  
This methodology can be used to estimate the settlement of soil due to reconsolidation on account of 
liquefaction in soil. the following steps can be followed to estimate such reconsolidation settlement.  
Step-1: Determine the Factor of Safety for liquefaction for different soil layers at different depths 
using guidelines (Japanese code(JRA, 2002),(Idriss and Boulanger, 2006)) 
Step-2: Determine the relative density of soil or the SPT resistance at a particular depth for that 
particular layer. Appropriate engineering correlations can be used, if required. Hence, the post-
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liquefaction volumetric strain for that particular layer can be estimated following the Figure 2-C-
1. 
Step-3: Further, these volumetric strains (𝜖𝑣) of different layers can be integrated over the entire 
soil depth to find out the total settlement. 
 
𝑇𝑜𝑡𝑎𝑙 𝑠𝑒𝑡𝑡𝑙𝑒𝑚𝑒𝑛𝑡 = ∑ 𝜖𝑣𝑑𝑥
𝑧𝑚𝑎𝑥
0 . 
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Appendix 3-A 
 
Liquefaction near Showa Bridge: 
The case study of ‘Showa bridge’ is very well documented in the literatures (Bhattacharya et al., 2014; 
Bhattacharya and Kappos, 2014). 
The various geometrical parameters like length of the pile, height of the pile in air and water along 
with ground liquefaction parameters are given in Table 3-A-1. These values are taken from the 
aforementioned literature. The soil liquefaction depth has been determined as per the studies by 
Iwasaki (1986) and Hamada and O’Rourke (1992). The soil at the site liquefied to a maximum depth of 
about 10 m below the riverbed, and this depth decreased towards the abutments (Bhattacharya et 
al., 2014). 
Once the depth of liquefaction at different piers was established, the unsupported length of the pile 
was determined for both pre and post liquefaction condition. These values are used in turn to estimate 
the natural period of different piers for both these conditions. The natural period of the piers are 
further utilised to estimate the pseudo-acceleration (Apre, Apost) values, with the help of the design 
spectrum prescribed in JRA (2002) and is given in Figure 3-A-1 here in  the text. Thereafter, the 
equations 3-7 and 3-8 are further utilised to estimate the peak lateral displacement for different piers. 
The main text in Chapter 3 should be referred for the overall summary and conclusions of this case 
study.  
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Table 3-A-1 Analysis for the Showa Bridge, Niigata Earthquake, 1964 
 
For details of Lpile, Hair , Hwater ,Hliq , L0-pre, L0-post, Tpre, Apre,, Dpre, Tpost,  Apost, Dpost  the Section 3.3 of Chapter 3 can be referred.  
 
 
 
Pier 
No 
Geometrical 
parameters 
Liquefaction parameters Before liquefaction After liquefaction  
 Lpile Hair Hwater Hliq L0-pre L0-post Tpre Apre Dpre Tpost Apost Dpost Dpre/ Dpost 
P1 25 6 0 5 9 13.4 1.61 1.00 0.64 2.28 0.92 1.18 84.52 
P2 25 6 2.5 5 11.5 15.9 2.32 0.90 1.21 3.08 0.75 1.76 45.95 
P3 25 6 3 6.5 12 17.9 2.47 0.87 1.32 4.50 0.58 2.92 122.02 
P4 25 6 3 8 12 19.4 2.47 0.87 1.32 5.08 0.53 3.43 160.69 
P5 25 6 3 9 12 20.4 2.47 0.87 1.32 5.48 0.51 3.79 188.19 
P6 25 6 3 10 12 21.4 2.47 0.87 1.32 5.89 0.48 4.17 217.06 
P7 25 6 4 4.5 13 16.9 2.79 0.80 1.54 4.13 0.61 2.61 68.78 
P8 25 6 4.5 1 13.5 13.9 2.95 0.77 1.66 3.08 0.75 1.76 5.99 
P9 25 6 5 1 14 14.4 3.12 0.74 1.79 3.25 0.72 1.89 5.79 
P10 25 6 2 0.5 11 11 2.17 0.95 1.11 2.14 0.96 1.13 1.80 
P11 25 6 0 0.5 9 9.4 1.61 1.00 0.64 1.58 1.00 0.65 1.56 
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Figure 3-A-1  Design spectrum  of JRA (2002) 
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Appendix 4-A 
 
 
I. Estimation of skin friction and end bearing resistance of pile P1 of Rio viscaya 
Assuming saturated unit weight of 18 kN/m3 for the sand layer, surrounding the pile near Rio-viscaya 
bridge, effective vertical stress at the tip of the pile= 𝜎𝑣−𝑏𝑜𝑡𝑡𝑜𝑚
′ = 9 × (18 − 10) = 72 𝑘𝑃𝑎 
(assuming unit weight of water =10 kN/m3) 
Assuming ϕ =35° for fine sand layer and K=1 (Broms, 1965) 
 𝑓𝑠−𝑠𝑎𝑛𝑑 = 𝐾 × 𝜎𝑣
′ × 𝑡𝑎𝑛𝛿 ×  4 × 𝑑 × 𝑙𝑙𝑎𝑦𝑒𝑟 = 1 × (
72
2
) × tan(0.6 × 35) ° × 4 × 0.36 × 9 =
180 𝑘𝑁   
Point bearing capacity of the pile = 𝑓𝑝 = 𝜎𝑣
′ × 𝑁𝑞 ×
𝜋
4
× 𝑑2 = 72 × 64 × 0.36 × 0.36 = 595 𝑘𝑁 
Nq  value is adopted from Berezantsev et al. (1961).  
So assumed total load carrying capacity= 180 +595 =775 kN 
Net load carrying capacity of each pile =775/ 2.5 = 310 kN (assuming Factor of safety =2.5) 
 
II. Estimation of skin friction and end bearing resistance of pile P4 of Shengli bridge 
Assuming adhesion factor (α) for the top clay loam, the skin friction resistance capacity=  
𝑓𝑠−𝑡𝑜𝑝 𝑐𝑙𝑎𝑦 = 𝛼 × 𝑐𝑢 × 𝜋 × 𝑑 × 𝑙𝑙𝑎𝑦𝑒𝑟 = 0.8 × 28 × 𝜋 × 1 × 2.7 = 190 𝑘𝑁  
llayer = thickness of the layer considered; 
Effective vertical stress at the top of sand layer = 𝜎𝑣−𝑡𝑜𝑝
′ = 2.7 × (19.2 − 10) + 0.3 × (18 − 10) =
27.24 𝑘𝑃𝑎 (assuming unit weight of water as 10 kN/m3) 
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Effective vertical stress at the bottom of sand layer = 𝜎𝑣−𝑏𝑜𝑡𝑡𝑜𝑚
′ = 27.24 + 8.4 × (18 − 10) =
92.04𝑘𝑃𝑎  
Assuming ϕ =35° for fine sand layer and K=1.4(1-sin ϕ) =0.6 
 𝑓𝑠−𝑠𝑎𝑛𝑑 = 𝐾 × 𝜎𝑣
′ × 𝑡𝑎𝑛𝛿 ×  𝜋 × 𝑑 × 𝑙𝑙𝑎𝑦𝑒𝑟 = 0.6 × (
27.24+92.04
2
) × tan(0.6 × 35) ° × 𝜋 × 1 ×
8.4 =    362𝑘𝑁   
𝑓𝑠−𝑏𝑜𝑡𝑡𝑜𝑚 𝑐𝑙𝑎𝑦 = 𝛼 × 𝑐𝑢 × 𝜋 × 𝑑 × 𝑙𝑙𝑎𝑦𝑒𝑟 = 0.8 × 28 × 𝜋 × 1 × 6.9 = 485 𝑘𝑁  
Point bearing capacity of the pile = 𝑓𝑝 = 𝑐𝑢 × 𝑁𝑐 ×
𝜋
4
× 𝑑2 = 28 × 9 ×
𝜋
4
× 12 = 198 𝑘𝑁 
 
III. Estimation of bending moment capacity of piles of Rio viscaya bridge: 
Hence, the cross-sectional area of pile (Ag) was 129600 mm2. The percentage of the main 
reinforcement is assumed to be 1% of the cross-sectional area of the pile. The grade of steel is 
assumed to be Fe 415 and the grade of concrete is assumed to be M 25. It is of interest to note here 
that the minimum grade of concrete to be used in pile foundations has been revised to M 25  as per 
the Indian code of practice (IS 2911, 2010) . 
Assuming cover of concrete to main reinforcement (d’) to be 35 mm, clear cover to total depth ratio 
(d’/D=35/360) will be around 0.10. So Pt / fck = 1/25 = 0.04 
The axial load acting on the pile (Pu) is 310 kN, hence Pu/ (fck x D2)=0.095 
The value of Mu/fckD3 is found to be 0.09 after referring to the Chart 44 of (SP-16, 1980)., which 
requires the input of Pt / fck and Pu/ fckD2 values. 
The factored moment capacity of the pile section (Mu ) is around 152 kNm. The plastic moment 
capacity of the pile section( Mp =1.5*Mu )is found to be 228 kNm (as shape factor is 1.5). 
IV. Estimation of bending moment capacity of Shengli bridge : 
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The main reinforcement percentage for the column (Pt) is 3.4%. 
 So the ratio Pt/ fck = 3.4/25 = 0.136.  
As the axial load acting on the pile P4 (Pu) is 510 kN, Pu/ fckd2 =0.02.  
The value of Mu/fckd3 is found to be 0.13 after referring to Chart 55, p 140 from (SP-16, 1980). 
The factored moment capacity of the pile section (Mu) is estimated to be 3250 kNm. Because the 
shape factor is 1.7 for a column having circular cross section, the plastic moment capacity (Mp) of P4 
is found to be 5,525 kNm. 
 
V. Estimation of bending moment capacity of piles of Panshan bridge: 
The grade of concrete and steel reinforcement assumed for the pile are M25 and Fe415 respectively. 
Details of the pile section and reinforcement are as follows: 
Assuming the cover of concrete to the main reinforcement(d’) as 60mm, clear cover to depth 
ratio(d’/d)for the pile will be 0.06 (≈60/900). The main reinforcement percentage (Pt) of the pile has 
been assumed to be 1% of the cross-sectional area. The transverse reinforcement has been assumed 
as 10 mm diameter stirrup @ 150 mm c/c. So Pt/ fck = 1/25 = 0.04 
Axial load acting on the pier P7= Pu=425 kN  
So Pu/ fckd2 =0.02 
The value of Mu/fckd3 is found to be 0.04 after referring to Chart 55, p 140 from (SP-16, 1980). 
Hence, factored moment capacity of the pile section =Mu= 874.8 kNm 
Plastic moment capacity of the pile section = 1.7 * Mu = 1488 kNm (shape factor=1.7 for circular 
flexural members) 
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Appendix 4-B 
 
 
I. Estimation of shear capacity of pile for Rio viscaya bridge: 
The shear capacity of a section of pile can be taken as the sum of the shear capacity of concrete 
section and that of the transverse reinforcement steel. So shear capacity of a pile section (V) = 
Vsy(shear capacity of transverse reinforcement)+Vc (shear capacity of concrete). 
According clause 40.4 of (IS-456, 2000),  
𝑽𝒔𝒚 = 𝟎. 𝟖𝟕 ∗ 𝒇𝒚 ∗  𝑨𝒔𝒗 ∗  (
𝒅
𝒔𝒗
) ,        
 where Asv is the area of transverse steel; d is the effective dimension of pile, sv is the spacing of 
transverse reinforcement and fy is the characteristic compressive strength of concrete. 
Assuming 8 mm diameter bar as shear reinforcement;  𝐴𝑠𝑣 =
𝜋
4
∗ 82 = 50 𝑚𝑚2 
d= effective side dimension of pile =D-d’=360mm - 2*35mm =280mm 
The spacing of transverse reinforcement (sv ) is assumed as 150 mm. Considering a two legged 
stirrup: 
𝑉𝑠𝑦 = 0.87 ∗ 𝑓𝑦 ∗ 𝐴𝑠𝑣 ∗ (
𝑑
𝑠𝑣
)=  0.87 * 415 * 2*50 * (280/150) = 67.39 kN 
For the concrete, the shear capacity 𝑽𝒖𝒄 = 𝜻𝒄𝒅 ∗ 𝑨𝒄𝒗        
where 𝜁𝑐𝑑 is the shear strength of concrete without any shear reinforcement and 𝐴𝑐𝑣 = effective 
area of the pile. 
As per the clause of 40.2.2 The shear strength of concrete can be determined by  
𝜻𝒄𝒅 = 𝜹 ∗ 𝜻𝒄           
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where ‘δ’ is a multiplying factor and its evaluation is given later in this section.  
The shear strength of concrete 𝜁𝑐  can be determined from the Table 19 of (IS-456, 2000) for Pt 
=1%(Percentage of main reinforcement)  
For M25, 𝜁𝑐 = 0.64N/mm2; 
Further, the multiplying factor ‘δ’ can be determined by the following formulation as given in Indian 
code of practice (IS-456, 2000). 
   𝛿 = 1 + 3 ∗
𝑃𝑢
𝐴𝑔∗𝑓𝑐𝑘
<1.5, if Pu>0, i.e. under compression 
𝑆𝑜 𝛿 = 1 + 3 ∗
310000
(
𝜋
4) ∗ 360
2 ∗ 25
= 1.36 
So 𝜁𝑐𝑑 =1.36*0.64=0.832 N/mm2 
So Vc= 𝜁𝑐𝑑 ∗ 𝐴𝑐𝑣 = 0.832 ∗ (
𝜋
4
) ∗ (280)2 = 51.20 𝑘𝑁 
So total shear capacity of the pile =V= Vsy+Vc =67.39+51.20= 118.59 kN 
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Appendix 4-C 
 
Estimation of liquefaction susceptibility of Black clay loam near Shengli Bridge, Tangshan, China 
The CSR and CRR values are estimated for the top clay loam layer of Shengli bridge site using the 
methodology prescribed by Boulanger and Idriss (2006) to determine its susceptibility to cyclic failure.  
𝑪𝑺𝑹𝑴=𝟕.𝟓 = 𝟎. 𝟔𝟓 × (
𝝈𝒗×𝒂𝒔
𝝈𝒗′
) ×
𝒓𝒅
𝑴𝑺𝑭
 ;  M=7.8 
Total vertical stress = 𝜎𝑣 = 2.7 × 19.2 = 51.84 𝑘𝑃𝑎;  hence, effective vertical stress 𝜎𝑣
′ = 2.7 × (19.2 −
10) = 24.84 𝑘𝑃𝑎  
Peak ground acceleration =𝑎𝑠(𝑖𝑛 𝑡𝑒𝑟𝑚𝑠 𝑜𝑓 𝑔) = 0.4  
 𝑟𝑑 = 𝑒
(𝛼(𝑧)+𝛼(𝑧)𝑀)  
𝛼(𝑧) = −1.012 − 1.126 𝑠𝑖𝑛 (
𝑧
11.73
+ 5.133) = −1.012 − 1.126 𝑠𝑖𝑛 (
2.7
11.73
+ 5.133) = −0.114  
𝛽(𝑧) = 0.106 + 0.118𝑠𝑖𝑛 (
𝑧
11.28
+ 5.142) = 0.013    
𝑟𝑑 = 𝑒
(𝛼(𝑧)+𝛽(𝑧)𝑀) = 0.98  
𝑀𝑆𝐹 = 1.12𝑒(
−𝑀
4
) + 0.828 = 0.987  
𝑪𝑺𝑹𝑴=𝟕.𝟓 = 0.65 × (
𝜎𝑣×𝑎𝑚𝑎𝑥
𝜎𝑣′
) ×
𝑟𝑑
𝑀𝑆𝐹
= 0.65 × (
51.84×0.4
24.84
) ×
0.98
0.98
= 𝟎. 𝟓𝟒  
𝐶𝑅𝑅𝑀=7.5 = 𝐶2𝐷  × (
𝜏𝑐𝑦𝑐
𝑐𝑢
)
𝑁=30
×
𝑐𝑢
𝜎𝑣′
× 𝐾𝛼  
𝐶2𝐷 = 0.96 ; (
𝜏𝑐𝑦𝑐
𝑐𝑢
)
𝑁=30
= 0.83  
𝐹𝑜𝑟 𝑛𝑜𝑟𝑚𝑎𝑙𝑙𝑦 𝑐𝑜𝑛𝑠𝑜𝑙𝑖𝑑𝑎𝑡𝑒𝑑 𝑝𝑢𝑟𝑒 𝑐𝑙𝑎𝑦, 𝜏𝑠 = 𝑐𝑢 + 𝜎𝑣
′𝑡𝑎𝑛𝜑 =   𝑐𝑢 = 28 𝑘𝑃𝑎; 𝛼 =
𝜏𝑠
𝜎𝑣′
=
28
24.84
= 1.13  
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Over-consolidation ratio (OCR) is assumed as 1 in this study.  
𝐾𝛼 = 1.344 −
0.344
𝑎𝑏𝑠(1−
𝛼
0.22×𝑂𝐶𝑅0.8
)
0.638 = 1.344 −
0.344
𝑎𝑏𝑠(1−
1.13
0.22
)
0.638 = 1.20  
𝑪𝑹𝑹𝑴=𝟕.𝟓 = 𝐶2𝐷  × (
𝜏𝑐𝑦𝑐
𝑐𝑢
)
𝑁=30
×
𝑐𝑢
𝜎𝑣′
× 𝐾𝛼 = 0.96 × 0.83 ×
28
92
× 1.20 = 𝟏. 𝟎𝟕  
𝐹𝑂𝑆 =
𝐶𝑅𝑅
𝐶𝑆𝑅
=
1.07
0.54
= 1.99  
 
As the Factor of safety of the clay loam layer is more than 1.2, it is regarded as non-liquefiable. 
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Appendix 4-D 
 
 Estimation of kinematic bending moment due to liquefaction for pile P4 
According to the Japanese code of practice(JRA, 2002), the lateral horizontal stress acting on the pile due 
to the laterally spreading soil at a certain depth is equal to 30% of the total overburden stress at that 
depth.  
Unit weight of top clay loam layer: 19.2 kN/m3; unit weight of underlying fine sand layer: 18 kN/m3 
Hence, the lateral stress at the bottom surface of the clay loam layer  
(point A, refer to Fig.5)= 0.3 x 2.7m x 19.2 kN/m3 = 15.55 kPa 
The bending moment acting on the pile due to this load is calculated about the point of fixity (point ‘C’ in 
Figure 4-10). 𝑀𝑘−𝑐𝑙𝑎𝑦 =
1
2
× 15.55𝑘𝑃𝑎 × 2.7𝑚 × 1𝑚 × (
2.7
3
+ 8.4 + 3.5) 𝑚 ≈ 268 𝑘𝑁𝑚 
Lateral stress at the bottom surface of fine sand layer =15.55+0.3 x 8.4m x 18 kN/m3 ≈61 kPa 
The bending moment acting on the pile due to this load is calculated about the point of fixity (point ‘C’ in 
Figure 4-10). 𝑀𝑘−𝑓𝑖𝑛𝑒 𝑠𝑎𝑛𝑑 = (
1
2
× (61 − 15.55)𝑘𝑃𝑎 × 8.4𝑚 × 1𝑚 × (
8.4
3
+ 3.5) 𝑚) + (15.55 𝑘𝑃𝑎 ×
8.4𝑚 × 1𝑚 × (4.2 + 3.5)𝑚 ≈ 2208 𝑘𝑁𝑚 
Hence, total kinematic bending moment =Mk= Mk-clay + Mk-fine sand = 268 +2208 =2476 kNm  
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Appendix 4-E 
 
Estimation of shear capacity of pile P4 of Shengli Bridge  
According to the Indian code of practice(IS-456, 2000), shear capacity of a reinforced concrete section(V)= 
shear capacity of concrete (Vc) +shear capacity of steel (Vsy) 
Shear capacity of a concrete column =𝑉𝑐 = 𝑘 × 𝛿 × 𝜁𝑐 × 𝐴𝑐𝑣   
where k and δ are coefficients and Acv is the effective area of the pile.  
Effective diameter of the pile =1000 mm – 60mm=940 mm 
The shear strength of concrete without any shear reinforcement (𝜁𝑐) can be determined from the Table 
19 (Design Shear Strength) of IS 456:2000. 
For M25, 𝜁𝑐 = 0.92 N/mm
2;    𝛿 = 1 + 3 ×
𝑃𝑢
𝐴𝑔∗𝑓𝑐𝑘
<1.5=1 + 3 ×
510000
(
𝜋
4
)×12×25×106
= 1.08;  
k=1(for piles of diameter more than 1m);   So 𝑉𝑐 = 1.08 × 1 × 0.92 ×
𝜋
4
× (940)2 ≈ 689 𝑘𝑁             Shear 
capacity of steel reinforcement(𝑉𝑠𝑦) = 0.87 × 𝑓𝑦 × 𝐴𝑠𝑣 ×
𝑑
𝑠𝑣
 
sv=spacing of shear reinforcement = 200 mm (assumed); 
𝐴𝑠𝑣 = 𝑎𝑟𝑒𝑎 𝑜𝑓 𝑠ℎ𝑒𝑎𝑟 𝑟𝑒𝑖𝑛𝑓𝑟𝑜𝑐𝑒𝑚𝑒𝑛𝑡 𝑠𝑡𝑒𝑒𝑙 = 𝜋/4 × (8)^2 = 50.24 𝑚𝑚
2  
d=effective diameter of the pile =940 mm 
𝑉𝑠𝑦 = 0.87 × 𝑓𝑦 × 𝐴𝑠𝑣 ×
𝑑
𝑠𝑣
= 0.87 × 415 × 50.24 ×
940
200
≈ 85 𝑘𝑁; Hence, V = 689 +85 = 774 kN               
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Appendix 6-A 
 
The transfer functions were employed for the estimation of the natural frequency of different piles. The transfer functions were calculated from the 
acceleration time histories recorded on the pile caps of the three pile models, and that of the input motion. As already explained in Section 6.3.2.3, the entire 
record, which was 320 seconds long, was divided into 44 'blocks' having duration of 7.5 seconds each. The transfer function of some of the blocks of 
acceleration time history of pile 1CP for the Test 1 is being given in the Figure 6-A-1 . 
   
                                       (a)                                     (b)                                      (c) 
 Figure 6-A-1. Transfer functions, both measured and fitted for central pile 1CP ; (a)Block 1-III; (b)Block 1-IV, (c) Block 1-VII;  
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Appendix 6-B 
 
The transfer functions were employed for the estimation of the natural frequency of different piles. 
The transfer functions were calculated from the acceleration time histories recorded on the pile caps 
of the three pile models, and that of the input motion. As already explained in Section 6.3.2.3, the 
entire record, which was 320 seconds long, was divided into 44 'blocks' having duration of 7.5 seconds 
each. The natural frequencies of various piles at different instances of time duration during Test 1, 
obtained from the transfer functions are given below in Table 6-B-1. Similarly, the natural frequencies 
of various piles at different instances of time duration during Test 2, obtained from the transfer 
functions are given later in Table 6-B-2 in this Appendix. 
 
Table 6-B-1 Natural frequency of various piled bridge support during the Test 1 
Time duration of test Block No Natural frequency of the piled support (Hz) 
  1CP 1LP 1LAP 
1-7.5 seconds 1-I 5.85 5.762 5.762 
7.5-15  1-II 4.29 4.395 4.4 
15-22.5 1-III 5.46 5.273 5.273 
22.5-30 1-IV 5.85 5.664 5.66 
30-37.5 1-V 5.85 5.078 5.0 
37.5-45 1-VI 5.46 5.273 5.42 
45-52.5 1-VII 5.46 5.1 5.957 
52.5-60 1-VIII 5.07 5.078 5.3 
60-67.5 1-IX 5.07 4.785 4.785 
67.5-75 1-X 5.07 5.566 5.7 
75-82.5 1-XI 4.94 5.469 2.7 
82.5-90 2-I 4.68 3.12 3.6 
90-97.5 2-II 4.29 4.98 5.1 
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97.5-105 2-III 4.29 4.199 4.7 
105-112.5 2-IV 4.29 4.2 5.469 
112.5-120 2-V 3.51 3.223 4.883 
120-127.5 2-VI 4.29 4.59 5.166 
127.5-135 2-VII 4.68 4.68 5.166 
135-142.5 2-VIII 4.29 3.613 4.688 
142.5-150 2-IX 3.9 4.785 4.49 
150-157.5 2-X 3.9 3.318 4.3 
157.5-165 2-XI 3.9 2.57 3.027 
165-172.5 3-I 2.34 2.344 2.93 
172.5-180 3-II 1.95 2.93 3.02 
180-187.5 3-III 2.34 2.34 2.93 
187.5-195 3-IV 2.34 2.55 2.73 
195-202.5 3-V 2.34 3.027 3.25 
202.5-210 3-VI 2.73 2.539 2.85 
210-217.5 3-VII 2.34 2.15 2.55 
217.5-225 3-VIII 1.56 2.148 2.3 
225-232.5 3-IX 2.34 2.9 3.2 
232.5-240 3-X 2.53 2.73 3.15 
240-247.5 3-XI 2.34 2.73 3.15 
247.5-255 4-I 3.125 3.027 3.23 
255-262.5 4-II 3.125 2.83 3.2 
262.5-270 4-III 2.34 2.1 2.93 
270-277.5 4-IV 2.34 2.93 3.0 
277.5-285 4-V 2.34 2.1 3.027 
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285-292.5 4-VI 2.34 2.344 3.02 
292.5-300 4-VII 2.34 2.344 3.0 
300-307.5 4-VIII 2.34 2.539 2.7 
307.5-315 4-IX 3.125 3.6 3.6 
315-322.5 4-X 3.125 3.6 3.6 
322.5-330 4-XI 3.5 3.5 3.6 
 
 
 
Table 6-B-2 Natural frequency of various piled bridge support during the Test 2 
Time duration of test Block No Natural frequency of the piled support (Hz) 
  1CP 1LP 1LAP 
1-7.5 seconds 1-I 
3.32 3.325 3.8 
7.5-15 1-II 
3.32 3.3 3.5 
15-22.5 1-III 
3.3 3.2 3.125 
22.5-30 1-IV 
3.2 3.125 3.125 
30-37.5 1-V 
3.5 3.5 3.5 
37.5-45 1-VI 
3.5 3.5 3.5 
45-52.5 1-VII 
3.5 3.5 3.5 
52.5-60 1-VIII 
3.4 3.9 3.9 
60-67.5 1-IX 
3.4 3.9 3.9 
67.5-75 1-X 
3.5 3.7 3.9 
75-82.5 1-XI 
2.8 2.7 2.7 
82.5-90 2-I 
2.3 2.3 2.3 
90-97.5 2-II 
2.7 2.7 2.7 
97.5-105 2-III 
2.3 2.3 2.5 
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105-112.5 2-IV 
2.3 2.7 2.7 
112.5-120 2-V 
2.5 2.5 2.7 
120-127.5 2-VI 
2.3 2.3 2.3 
135-142.5 2-VIII 
1.7 2.3 2.7 
142.5-150 2-IX 
2.3 2.3 2.7 
150-157.5 2-X 
2 2.3 2.3 
157.5-165 2-XI 
1.172 1.172 2.3 
165-172.5 3-I 
1.953 2 2.3 
172.5-180 3-II 
1.563 2.3 2.3 
180-187.5 3-III 
2.7 1.953 3.1 
187.5-195 3-IV 
1.953 2.3 2.7 
195-202.5 3-V 
1.563 2.3 2.3 
202.5-210 3-VI 
2.3 2.3 2.3 
210-217.5 3-VII 
1.953 1.563 2.3 
217.5-225 3-VIII 
1.563 1.953 2.3 
225-232.5 3-IX 
1.563 2.3 2.3 
232.5-240 3-X 
2.3 1.95 2.5 
240-247.5 4-I 
1.172 
1.5 
 
2.5 
247.5-255 4-II 
2.3 1.56 3.5 
255-262.5 4-III 
1.172 1.563 3.5 
262.5-270 4-IV 
1.563 1.563 2.5 
270-277.5 4-V 
1.172 1.953 2.7 
277.5-285 4-VI 
1.563 1.953 2.7 
285-300 4-VII and 4-VIII 
1.953 
2.3 
 
2.7 
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Appendix 6-C 
 
 
Comparison of natural period obtained from model test and proposed simplified methodology: 
 
The natural frequency of various piles measured during the Test 1 are compared with the values of natural 
frequency estimated using the methodology given in Chapter 3 and is given in Table  6-C-1. The pile length, 
diameter and its thickness as used during the tests have been given in the Table. The Youngs modulus of 
the pile was determined from the ‘Two point  bending tests’, which were carried out during the 
characterisation of piles. The depth of liquefaction has been kept nil for pre-liquefaction condition and as 
0.55 m for the post liquefaction condition (see Section 6.3.1.2). The natural period of the piles for various 
conditions have been determined using equation 3-3,3-4,3-5,3-6 and have been given in the Table 6-C-1 
below.  
The natural frequency of various piles measured during the test are compared with the values of natural 
frequency estimated using the methodology given in Chapter 3 and is given in Table  6-C-1. It can be seen  
that the pile 1LP and 1CP showed a higher natural frequency of around 6Hz during the tests due to the 
higher lateral stiffness imparted due to the deck-to -deck interaction or coupling effect. The higher natural 
frequency could be observed for both the pre liquefaction and at full liquefaction condition.  On the other 
hand , pile 2CP did not have any coupling effect and hence it can be seen that its natural frequency 
estimated  using the methodology  of Chapter 3 gives a value, which is quite close to the measured value 
during the experiment.   
The displacement values were not compared as  many of the piles suffered from Deck to Deck interaction 
effect during the test, which was not envisaged before. 
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Table 0-C-1 Comparison of natural period obtained from model test values and proposed simplified methodology of thesis 
Parame
ters Pile  
Pile 
Length 
(m) 
Dia 
(m) 
Thickne
ss of 
alumini
um pipe 
(m) 
Youngs 
modulus 
(E, in GPa) 
Second 
moment 
of area (I, 
in m4) 
Mass 
at pier 
top 
(kg) 
Length of 
middle 
pile in 
air+water 
(in m) 
Depth 
of liq 
(in m) 
EI  
(in 
Pa*m4
) 
K0-pre or 
K0-post 
(for 
appropria
te cases) 
Natural  
Period 
(in sec) 
Natural 
freque
ncy 
estimat
ed (in 
Hz) 
Natural 
freque
ncy 
measur
ed in 
test (in 
Hz) 
Pre 
liquefac
tion 
conditi
on 1CP 1.80 0.03 0.001 68.50 1.5 x10-8 19.85 0.95 - 1048.9 3670.10 0.46 2.16 
 
 
 
 
5.8  
 
1LP 1.80 0.03 0.001 68.50 1.5 x10-8 19.85 0.75 - 1048.9 7458.73 0.32 3.09 
 
5.8  
2CP 1.80 0.03 0.001 68.50 1.5 x10-8 2.25 0.95 - 1048.9 3670.10 0.16 6.43 
 
6  
Full 
liquefac
tion 
conditi
on 1CP 1.80 0.03 0.001 68.50 1.5 x10-8 19.85 0.95 0.55 1048.9 932.34 0.92 1.09 
 
 
 
 
1.96 
 
1LP 1.80 0.03 0.001 68.50 1.5 x10-8 19.85 0.75 0.55 1048.9 1432.25 0.74 1.35 
 
 
1.96 
2CP 1.80 0.03 0.001 68.50 1.5 x10-8 2.25 0.95 0.55 1048.9 932.34 0.31 3.24 
 
4 
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Appendix 6-D 
 
 
From the estimated bending moment time histories at different sections of Pile 2CP, 2LP and 2LAP,  
the time instances of maximum bending moment for the piles are identified, which are varying for 
different piles. For the pile 2CP, the maximum bending moment happened at around 162 seconds for 
the section near S5 for Test 1. The bending moment at all the strain gauge locations of the pile at 
around 162 seconds has been plotted in Figure 1. All the bending moment values are plotted in their 
absolute values for the sake of comparison. Further, a polynomial equation of 5th order has been fitted 
for the distribution of bending moment in pile at various sections at the time of maximum bending 
moment. It can be seen that the location of maximum bending moment in the pile lies at a higher 
elevation as compared to the interface of liquefied-nonliquefied soil.  
 
 
Figure 1 Fitting curve for bending moment distribution at different sections of pile 2CP for Test 1 
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Similarly, for the pile 2LP, the critical bending moment profile was identified for the intermediate pile 
2LP, during the process of liquefaction at around t=169 seconds. The bending moment at all the 
sections of the pile at this time instance has been plotted in Figure 2. Further, a polynomial equation 
of 5th order has been fitted for the distribution of bending moment in pile at various sections at the 
time of maximum bending moment. It can be seen in this figure that there are two maximas of bending 
moment, likewise as discussed in Section 6.3.4.2 for Pile 1LP. 
 
 
 
 
 
Figure 2 Fitting curve for bending moment distribution at different sections of pile 2LP for Test 1 
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Similarly, for pile 2LAP the maximum bending moment happened at around 288 seconds for the 
section near S2 for Test 1. The bending moment at all the strain gauge locations of the pile at the 
instance of maximum bending moment has been plotted in Figure 3. All the bending moment values 
are plotted in their absolute values for the sake of comparison. Further, a polynomial equation of 5th 
order has been fitted for the distribution of bending moment in pile at various sections at the time of 
maximum bending moment. It can be seen that the location of maximum bending moment in the pile 
lies near to the interface of liquefied-nonliquefied soil for the abutment pile.  
 
 
 
 
Figure 3 Fitting curve for bending moment distribution at different sections of pile 2LAP for Test 1 
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For the pile 2CP, the maximum bending moment happened at around 164 seconds for the section 
near S5 for Test 2. The bending moment at all the strain gauge locations of the pile at around 164 
seconds has been plotted in Figure 4. All the bending moment values are plotted in their absolute 
values for the sake of comparison. Further, a polynomial equation of 5th order has been fitted for the 
distribution of bending moment in pile at various sections at the time of maximum bending moment. 
It can be seen that the location of maximum bending moment in the pile lies at a higher elevation as 
compared to the interface of liquefied-nonliquefied soil. 
 
 
Figure 4 Fitting curve for bending moment distribution at different sections of pile 2CP for Test 2 
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